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1. INTRODUCTION 

In many parts of the world, large areas are cover~d 

by soft clay deposits. Civil engineers, engineering 

geologists and others who are concerned with the 

design and construction of structures have been in

terested in the problems of construction on deposits 

of soft clay. 

Laboratory investigations on soft clays have been 

intensively developed, especially in Sweden as well 

as in Scandinavian countries with their extensive 

deposits of soft clays. Whereas in Vietnam laboratory 

as well as field investigations on soft clays still 

have limitations as to methods and equipments. 

The purpose ot this report is to collect and summarize 

some Swedish methods and experiences in the laboratory 

investigation on soft clays. The classification and 

identification and problem of design parameters of 

soft clays are also collected. 
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2. CLASSIFICATION AND IDENTIFICATION 

Recent research has shown that soft clays have their 

particular characteristics and the classification 

and identification of these clays should be based 

on their engineering properties. The following in

formation on which the classification and identifi

cation on soft clay may be based is: 

- the geological history (stress history) of the 

deposit 

- the water content and the Atterberg limits 

- the strength properties: vane shear strength 

- the deformation properties: the compressibility 

characteristics determined from oedometer tests. 

Based on the above information, Bjerrum (1973) proposed 

that soft clay can be classified into the following 

main groups: 

1. Normally consolidated clays 

- normally consolidated young clays 

- normally consolidated aged clays 

2. Overconsolidated clays 

3. Weathered clays 

4. Quick clays 

5. Cemented clays. 

Two groups (normally and overconsolidated clays) are 

briefly presented below. 

2. 1 Normally consolidated clays 

The normally consolidated clays can be "young" or 

"aged". The difference between these clays is 
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shown in Table 1. 

Table 1. Characteristics of "young" and "aged" normally 
consolidated clays. 

Normally consolidated young clays Normally consolidated aged cla':: 

Clay which has recently been Young clay under constant 
deposited. effective stress for long time 
large settlement under (hundreds or thousands of 
o,

0 + 60 years). Without significant 
settlement under o, + 60 (600 
is definite value). 

Small strength and greater Greater strength and small 
I. compressibility compressibility 

~ Iuo = a'C (from e-7,og 0 I curve) Oo < 0 
C

I (from e-log o' curve) 

Overconsolidation ratio Overconsolidation ratio 
-oJ/oo - 1 oJ/oo > 1 and increases with 

the plasticity index Ip. 

Tv increases linearly with o'0 Tv increases linearly with o'
0 

smaller ratio Tv/06 greater ratio Tv/06 

Fig. 1 shows the difference in the geological history 

and compressibility of a "young" and an "aged" normally 

consolidated clay according to Bjerrum (1973) based 

on thee-logo' curve from consolidation test. 

YOUNG NORMALLY CONSOLI -

9 AGED NORMALLY 
.,_ secondary 
<( consolidation p > p
a:: C 0 

0 

0 
> 

Equilibrium void ratio~ 
at d1ffctcnt t,mc of 

sustained lood•f'l-9 

VERTICAL PRESSURE IN LOGARITHMIC SCALE 

Fig. 1. Geological history and compressibility of a "young" 
and an "aged" normally consolidated clay. 
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The ratio of the vane shear strength 1v to the effec

tive overburden pressure oJ as well as the ratio or 
the preconsolidation pressure to the effective over

burden pressure of both "young" and "aged" normally 

consolidated clays depend on their plasticity index 

Ip- Fig. 2 shows the correlation between the Tv/oJ

and oJ/oJ-values (in figure sulPo and Pclp 0 ) and the 

plasticity index Ip-

! { 

0.8 

0.6 
Su 

Po 
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0.2 

0.0 
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Pc 

Po 
1. 5 
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, ' I 

1.0 
20 40 60 80 1000 

lp °/. 

Fig. 2. Typical values of (su/p0 ) vane and PclPo observed 
in normally consolidated late glacial and post 
glacial clays. 

From Table 1 and Figs. 1 and 2 it is clear that by 

using some engineering properties we can easily dis

tinguish the "young" normally consolidated clay from 

the "aged" one. 
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2.2 Overconsolidated clays 

The overconsolidated clays are clays whose present· 

effective overburden pressure is less than a maximum 

previous effective pressure under which the clays 

once were consolidated. Overconsolidation is the 

result of one of the following causes: 

surface erosion 

- decrease in pore water pressure during a certain 

time in the history of clays 

- excavation 

- variation in groundwater level. 

For these clays the ratio of the maximum previous 

effective pressure (often called the preconsolidation 

pressure) to the present effective overburden pressure 

is used to determine the degree of overconsolidation. 

This ratio is called the overconsolidation ratio and 

is expressed by the formula: 

_ preconsolidation pressure _ a~ 
overconsolidation ratio - present overburden pressure - aJ 

If clays are only considered normally consolidated 

and overconsolidated, it is clear that for normally 

consolidated clays the overconsolidation ratio is 

unity and for overconsolidated clays it is greater 

than unity. Depending on this ratio the clays of this 

group may be lightly or heavily overconsolidated. 

A difference between the two groups of clays is that, 

under the same additional load to the present over

burden pressure, the normally consolidated clays will 

settle more than the overconsolidated clays. 
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3. LABORATORY TESTS 

3 • 1 Determination of the liquid limit 

In Sweden the liquid limit is determined by the fall

cone method or the percussion method. The fall-cone 

method is the most common method. 

3. 1. 1 Casagrande method 

The percussion method (Casagrande method} is based on 

the specifications of the American Society of Testing 

Materials (ASTM}. The one-point method proposed by the 

Waterways Experiment Station et al (1949) is normally 

used. However, this method cannot be used on soils 

with a liquid limit larger than 150 (Broms, 1981). 

The liquid limit wL in this method is calculated by 

the equation 

= (~JtgBwL w 25 

where 

u = water content 

n = number of blows required to close a groove made 

by a special tool for a length of 13 m 

B = inclination of the flow curve 

3.1.2 Fall-cone method 

In this method the liquid limit is defined as the 

water content at which a 60 g/60°-cone gives a pen

etration of 10 mm for a completely remoulded sample 

(Geotechnical Commission of the Swedish State Rail-

way, 1914-1922). 

As defined, the test for determination of the liquid 

limit should be repeated several times at different 

water contents. The determined liquid limit is then 

the water content of soil when the penetration of the 

cone is 10 mm. However, this test procedure is time

consuming. 
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To make the test less time-consuming different one

point methods have been developed. Nowadays a one~ 

point method proposed by the Swedish Geotechnical 

Institute (Karlsson, 1961) is normally used in Sweden. 

This method is based on investigations of different 

Swedish soils and also certain soils from abroad. 

The relation between the strength parameter m/i 2 

(where m = mass of cone, i = cone penetration) accord

ing to Hansbo (1957) (Tfu = K·g•m/i 2 ) and the water 

content was plotted in a semi-logarithmic graph. The 

relation was called the consistency curve and corre

sponds to Casagrande's flow curve (Fig. 3). 

The inclination at wl can be expressed by 

tg lg6-lg0.6 = WL - Wo 

'l'\/ 
.._ 
~ 

~ 
~ 

rv 

~ (,o 
~ 

Fig. 3. Consistency curve. Definition of the inclination 
at wl. 
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Within a limited region around the liquid limit the 

curve can be approximated to a straight line with 

the following equation: 

- wi + t ga . log(1.0J 2 
i 

where 

Wi = water content at cone penetration i 

tga = inclination of the consistency curve at the 

liquid limit 

The investigations showed that the value of tga is 

dependent on wl and generally increases linearly with 

6); • 
•J 

tga = 

The following formula can thus be derived 

-WL - M . w·7, + N 

where 

1.8
M = 

1. 8+2 log 
7, 

10 

7, 

34 log 10
N = 

1.8+2 log 
7, 

10 

where 

wl = liquid limit 
u) • 

i = water content of remoulded sample at the 

cone penetration i 

M,N = correction factors 

The evaluation of wL by the one-point method is 

illustrated in Fig. 4. 

http:log(1.0J


1 2 

/ 
f' 

/ 

)- 8Lf_ c/e/4,,,-
//lf.OL (!_ vd./2,e, 
~ 

/,-1,/L 

Fig. 4. Evaluation of WL by the one-point w£thod. 

Compared with the Casagrande method the cone method 

is preferred because: 

- the test is simple and fast 

- the results are more consistent and less liable 

to experimental and personal errors 

- the results depend more directly on the shear 

strength of the soil. 

SGI has determined the shear strength at the Casagrande 

liquid limit and at the cone liquid limit for different 

soils by means of a laboratory vane apparatus. The 

results showed that the strength at the Casagrande 

liquid limit varied considerably between different 

soils (0.5-4 kPa) whereas the strength at the cone 

liquid limit was about the same for all samples 
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(Table 2). The cone method is fundamentally more 

satisfactory because the mechanics of the test depend 

more directly on the shear strength of the soil. The 

Casagrande procedure introduces a dynamic component 

which is not related to shear strength in the same 

way for all soils. The number of precussions required 

to make the halves of the sample to flow together is 

besides the shear strength also dependent on the 

density of the sample. 

Table 2. The shear strength of soil at WL and Wp (Karlsson, 
1962). 

Liquid limit Tfu (lab. vane test I 
at liquid limit

Type of soil -
cone Casagrande cone Casagrande 

Postglacial clay 62 70 1.6 0. 7 

Mud 215 275 1. 5 0.5 

Bentonite 1 70 320 1.5 0.5 

Kao line I 56 53 1. 6 2. S 

Kaoline II 43 45 2.0 1. s 
Coarse silt with 
some organic 
matter 34 30 2. 1 4.2 

SGI also has made an investigation in order to find 

out the reliability of routine determinations of the 

cone liquid limit and the Casagrande liquid limit 

(Karlsson et al, 1974). 

The investigation comprised two different soils, a 

high-plastic clay and a low-plastic, somewhat silty, 

clay. The determinations were performed by 21 labora

tories at different institutions and consulting firms. 

The results showed that the scatter was considerably 

smaller for the cone liquid limit, particularly for 

the high-plastic clay. 
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An other investigation by Sherwood and Ryley et al 

(1968) has also shown that results obtained by the 

cone method are more consistent and less liable to 

experimental and personal errors than those obtained 

by the Casagrande method. 

The comparison between liquid limit determined by the 

cone method and by the Casagrande method for Swedish 

soils was worked out by Karlsson et al (1974). The 

results showed that for clays the Casagrande and cone 

liquid limit coincide when wi = 40%. At higher values 

the Casagrande liquid limit is generally higher than 

the cone liquid limit and at lower values the opposite 

is valid. For silt the Casagrande liquid limit is 

generally considerably lower than the cone liquid 

limit and for organic soils considerably higher. 

For soft clay the liquid limit as well as the plastic 

limit is in Sweden normally determined on natural 

samples (samples which have not been dried in advance). 

Soils that are dried and sieved before determination 

are normally used internationally. According to Broms 

(1981) the drying of a sample in an owen can reduce 

the liquid and plastic limits especially if the soil 

is organic as illustrated in Fig. 5. 
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Fig. 5. Comparison of the cone liquid limit for 
dried and wet samples. 

In routine tests the liquid limit is usually deter

mined on samples which previously have been used to 

determine the shear strength. If the water content 

of the soil is too low, water should be added to the 

samples. In order to reduce the water content when 

it is too high, the sample is spread or rolled out 

on a gypsum plate. It is necessary to note that the 

time for cone penetration in clay and in silty soils 

is different. In clay soil the cone stops to penetrate 

into the soil a few seconds after the cone is released 

and that is enough for reading. In silty soil the 

cone often does not stop but continues to penetrate 

into the soil. In this case the penetration is taken 

about 10 seconds after the cone is released (Karlsson 

( 1 9 7 7) , Broms ( 1 9 8 1 ) ) . 
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Nowadays a one-point method for determination of the 

fall-cone liquid limit is generally made. The relat~on 

between cone penetration i (60 g/60°) and factors M 

and Nin the formula wL = M • wi + N is shown in 

Table 3. 

Table 3. Relation between cone penetration & (60 g/60°) and 
factors Mand Nin the formula WL = M • Wi + N. 

(, 7 q
fmm 0 

7. M 1.21 1.20 I .I'/ I.I.\ I. I 7 I . 1<, I I:, 1.1..J 1.14 I 13 
) - ) )

N -3.5 3.4 3 2 J.O -2. 7 2.(, __ ) 2.3 

8. M I .I 2 I 11 I.I I I 10 I I (J I 09 1.08 1.07 1.07 I ()(, 

N -2.1 J() I .S I 7 I (l IA I ; I. 2 I I 1.0 

9. M 1.05 I .U~ 1.0-1 I.~ I O_~ I UJ 1.02 1.0! 101 1.00 

N -0.9 -0.8 0. 7 -0.6 0.5 0.4 -0.3 -0.3 O..~ 0.1 

10. M 1.00 1.00 0.99 0.99 0.98 0.98 0.97 0.97 0.% 0.% 

N !O +0.1 +0.2 +0.2 +0.3 +0.4 +0.5 +0.5 +0.6 +0.7 

11. M 0.96 0.9~ 0.95 0.94 0.94 0.94 0.93 0.93 0.93 0.92 
N +0. 7 +0.8 +0.<J +0 9 +1 0 +I.I +I I +i.2 +1.3 +1..1 

12. M 0.92 0.92 0.91 091 0 '1 I 0.90 0.90 0.90 0.89 0.89 
N +IA + 1.-l + I :, t- I 5 +i c, +i.7 +i.7 +1.8 +1.8 +I.'/ 

13. M 0.89 0.S~ 0.88 0.88 0.88 0.87 0.87 0.87 0.87 0.8(, 

N +I.9 +2.0 +2.0 +2.1 +2.1 +2.2 +2.2 +2.2 +2.J +2.3 

14. M 0.8(1 0.8(, 0.86 0.85 0.85 0.85 0.8:i 0.84 0.!:W 0.84 
N +2.4 +2.4 +2.5 +2.5 +2.~ +2.6 +2.6 +2.7 +2.7 +2.7 

----------. --------

3.2 Oedometer tests 

Compression characteristics of soft clays are gener

ally determined by oedometer tests. There are some 

different methods for oedometer tests: 

- oedometer test with incremental loading 

- constant rate of strain tests (CRS-tests) 

- constant gradient tests (CGT-tests) 

- continuous consolidation tests (CC-tests) 
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3. 2. 1 Incremental loading test 

This method was suggested by Terzaghi in 1925 and:

has been widely used since then. In this method the 

test procedure is performed by incremental loading, 

each increment equal to the previous load and new 

increment loaded every 24 hours. During the test the 

sample is drained from the ends and readings of the 

compression are taken in a time sequence enabling 

a plot of the time-settlement curve for each increment. 

The oedometer test with incremental loading with a 

duration of 24 hours is considered standard. 

However, this test procedure has its disadvantage 

because it takes a long time, at least a week for one 

sample. Therefore different variants of test procedure 

have been suggested. 

The apparatus used for incremental loading test is 

shown in Fig. 6. Fig. 7 shows the cutting device used 

for mounting clay samples. 

LOAD 

1 

OE DOME TER • 
A1NG ...________ 

Fig. 6. Apparatus used for incremental oedometer tests. 
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- OEOOMETER 

R1NG 

OJTTII-.G 

,----1---'-_J_----~~~--, ElOARO 

Fig. 7. Cutting device used for mounting clay samples. 

The oedometer ring is 40 mm in diameter. This size 

of oedometer ring is suitable to the SO mm diameter 

sampling tube. The tested sample is 20 mm in height. 

In oedometer test with incremental loading three test 

procedures have been used: 

a) Standard procedure (STD test): daily load in

crements, each increment is equal to the previous 

load and a new increment is loaded every 24 hours. 

The following increments have often been used for 

the STD tests: 10, 20, 40, 80, 160 and 320 kPa. 

The time required for a STD test is at least 6 

days. 

b) Loading procedure suggested by Bjerrum (1973): 

for vertical pressures below the preconsolidation 

pressure the load increments are reduced and new 

increments are loaded at the end of primary con

solidation (100% consolidation). Above the precon

solidation pressure the test is continued with 

doubled load increments with 24 hours' duration. 
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The time required for a test will be 3 to 4 days 

because the first small increments can usually:be 

completed during one working day. According to 

Sallfors (1975) this method is called the NGI-test. 

c) Tests with daily load increments; equal increments 

usually 10 or 20 kPa each with a duration of 24 

hours. This test is a LIN test (Sallfors, 1975). 

The LIN test takes 8 to 12 days depending on the 

preconsolidation pressure. 

3. 2. 2 Interpretation of oedometer test results with 

the incremental loading method 

a) Relative compression 

The results from incremental 

oedometer tests performed by 

the STD or NGI procedure are 

presented in a diagram as a 

stress-strain curve. In this 

plot the vertical effective 

pressure is in log-scale 

(Fig. 8). From this diagram 

the relative compressions 

between the vertical in situ 

\ pressure in ground o~ and 

the calculated final pressure 

c' can be determined and 

therefore the settlement is 
Fig. 8. Typical results from calculated by the following

an oedometer test on 
clay. formula: 

oH ::: E: • H 

where H = thickness of the soil layer. 

The stress-strain curves from LIN-tests are presented 

in linear scales. 

b) Determination of the preconsolidation pressure oJ. 

The preconsolidation pressure can be determined from 

the oedometer curve obtained in STD-tests according 

to the Casagrande method. This method has been widely 
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used. Fig. 9 shows the Casagrande method for deter

mining the preconsolidation pressure. In this m~thod, 

the vertical pressure is in log-scale and the rela

tive compression is in linear scale. At the point 

with the smallest radius of curvature, a tangent to 

the oedometer curve and a horizontal line are drawn. 

The angle between these two lines is bisected. Then 

the straight portion of the oedometer curve is drawn 

and extended so that it intersects the bisectrix. 

The pressure at this intersection is the preconsoli

dation pressure oJ. 

VERTICA~ PRESSURE .LC'G S(A,.fl 

\~ 

\ 

w 
> . 

\ 
\ 

Fig. 9. The Casagrande 
method for evaluat
ing the preconsoli
dation pressure. 

Due to disturbance of samples, 

the evaluated preconsoli

dation pressure is often too 

low. Therefore the disturb

ance should be taken into 

account when determining the 

preconsolidation pressure. 

The determined preconsoli

dation pressure according to 

many authors is sensitive to 

the loading sequence and the 

duration of each load step. 

In LIN-tests the preconsolidation pressure is deter

mined as the intersection of the extended straight 

portions (before and after oJ) of the curve. 

The preconsolidation pressure is often determined 

from a stress-strain curve with stress in log-scale 

and strain in linear scale. This strain-log stress 

curve is suitable for determination of the precon

solidation pressure of normal soft clays. In this 

case the oedometer curve makes a sharp break and 

makes the determination of the preconsolidation press

ure rather easy, curve G) in Fig. 10 (B). For some 

soft clays though, for example clays with a high 

swelling capacity and relatively high compression 
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modulus below the preconsolidation pressure, this 

strain-log stress curve is disadvantageous. On one 

hand due to swelling characteristics (clays more or 

less overconsolidated have swollen in the ground) 

and on the other hand due to disturbance during 

sampling, most clays brought into the laboratory 

have undergone some swelling. In this case the strain

log stress curve will give a shape in a regular 

bend for stresses below and just after the precon

solidation pressure, curve G.) in Fig. 10 {B). This 

shape of the oedometer curve makes the determination 

of the preconsolidation pressure difficult because 

it is difficult to find the smallest radius of cur

vature. In this case the oedometer curve for soft 

clays should be plotted in linear scales (both for 

stress and strain), Fig. 10 (A). 

- .... ,. : 

I 

~-;~~ 
: --------J,;~ <-.

( \\ 
\ ' 

\ I'\ .... -\ ·. 

' \' \ 
\ - ' \ ' ' 

\ ; I 

\ 

(A; (F \ 

Fig. 10. Oedometer curves in (A) - linear scale and 
(B) - semilog scale for soft clays. 
(D - normal soft clay 
~ - clay with a high swelling capacity 

c) Determination of compression index 

The compression indices Cc and E 2 are also evaluated 

from the oedometer curve. There is a difference in 
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the determination of Cc- and c 2 -value. 

The compression index Cc is evaluated from an 

oedometer curve plotted in a void ratio-vertical 

?ressure relationship (Fig. 11). 

To avoid the determination of the void ratio, 

the compression index E2 is used. The compression 

index E 2 is evaluated from an oedometer curve 

plotted in a relative compression-vertical press

ure relationship (Fig. 11). In both cases, the 

vertical pressure is plotted in log-scale. 

VERTICAL ?Q€SSVRE (LOG SCALE}VERTICAL PRESSURE LOG SCALE) 

er 
L.•--'!:_ 

L_ 
_j_____ 

Fig. 11. a - Evaluation of compression index Cc. 
b - Evaluation of compression index E2 • 

The straight line of the oedometer curve after 

the preconsolidation pressure is chosen for evalu

ation of the compression indices Cc and E 2 (see 

Fig. 11). 

The compression index Cc is determined by the 

following equations: 
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c:,e tie 
Cc -- or !' 

'-'(; --
0 1 +60' 6logo'log 

0 I 

The compression index C 2 is used in Sweden, where 

c2 is the relative compression of a sample at a 

doubling of the vertical pressure (Fig. 11). The 

relation between these compression indices is: 

d) Determination of the tangent modulus M 

The determination of the compression indices 

and c 2 is performed with the assumption that the 

oedometer curve should be a straight line for 

stresses higher than the preconsolidation pressure. 

For some clays, for example for Swedish clays, this 

assumption is not valid and this method for deter

mining the compressibility (Cc and c 2 ) is not suit

able since the method is only valid within a small 

stress range. Therefore another method for deter

mining the compressibility has been suggested. 

Soil compressibility is often expressed by a tangent 

modulus M (Odhe (1951), Janbu (1967), Brinch-Hanssen 

(1966) and others). The tangent modulus Mis ex

pressed by the following equation: 

I ]-P.0I ( ) µM = m· 0 . -J J O.
J 

where 

m· = modulus number
J 

B = stress exponent 

o' = effective vertical stress 

0 t = reference stress (usually 100 kPa)
J 

In this case for calculation of the tangent modulus 

M, it is necessary to determine the modulus number 

mj and the stress exponent B. These two parameters 
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can be evaluated from the oedometer curve. The 

oedometer curve is plotted in a diagram with the 

strain in linear scale and the vertical pressure 

in log-scale (Fig. 12) . 

Fig. 12. Evaluation of mj and 6. 

The mj- and 6-values are evaluated by drawing a 

tangent to the stress-strain curve at Oj and 

extending it to 2.7 ot where o~ is a reference 
J J 

stress (oJ > o;). 

If the stress exponent 3 is equal to O (8 = 0) the 

oedometer curve is a straight line overlapping the 

tangent to the curve at oJ· The relative compression 

6E1 is evaluated from the intersections of the 

vertical lines through oJ and 2.7 oJ with the tangent 

to the oedometer curve. Thus the modulus number 

mj is calculated from the equation 

6E1 
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If the oedometer curve after the preconsoli-

dation pressure oJ is not really straight but 

inflected as seen in Fig. 12 the real compression 

6€ 2 .7 between vertical pressures oJ and 2. ?oJ is 

evaluated. This occurs in the case with BIO and 

the stress exponent Bis calculated from the follow

ing equation: 

6€2.7 

This method of describing compressibility of soft 

clays is not correct either but the approximation 

can be used for a larger stress interval than the 

compression index. 

e) Determination of the coefficient of consolidation 

The coefficient of consolidation cv is commonly 

used to predict the rates at which settlement 

will occur. The cv-value can be determined from 

the oedometer curve by the Casagrande or the 

Taylor method. Both methods are derived from the 

Terzaghi theory: 

6 20 
~ = cv i- ~ 2 

J t \)"' 

where 

u = excess pore water pressure 

t - time elapsed since loading 

CV = coefficient of consolidation 

and the cv-value can be calculated by the equation: 

K 
m 2 /year

Yw mv 

Yw = unit weight of water (kN/m 2 
) 

K = vertical coefficient of permeability of the 

soil (m/yr) 
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mv = coefficient of volume compressibility (volume 

change, volume decrease) (m 2 /kN) 

The determination of the coefficient of consoli

dation from the oedometer curve is based on the 

two following quantities: 

Time factor Tv is calculated by the formula: 

1, h . . cv t 
v = Terzag ~ t~me factor= J"'L 

where dis the drainage path length. In the labora

tory d = sample thickness with "one-way" drainage 

and d = half of sample thickness with "two-way" 

drainage. In the calculation, ~v-value is dimension

less. 

Average degree of consolidation Uv: 

The average degree of consolidation is the ratio 

of the settlement at a definite time, t, to the 

ultimate settlement and is expressed by the equation: 

settlement at t 
ultimate settlement 

The Uv-Tv relationship is founded as follows: 

Uv (%) 10 20 30 40 50 60 70 80 90 

TV 0.008 0.031 0.071 0.126 0.197 0.287 0.403 0.567 0.848 

The coefficient of consolidation cv can be evaluated 

by one of the two following methods: 
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mv = coefficient of volume compressibility (volume 

change, volume decrease) (m 2 /kN) 

The determination of the coefficient of consoli

dation from the oedometer curve is based on the 

two following quantities: 

Time factor Tv is calculated by the formula: 

cv t 
Tv = Terzaghi time factor= --;rr-

where dis the drainage path length. In the labora

tory d = sample thickness with "one-way" drainage 

and d = half of sample thickness with "two-way" 

drainage. In the calculation, Tv-value is dimension

less. 

Average degree of consolidation Uv: 

The average degree of consolidation is the ratio 

of the settlement at a definite time, t, to the 

ultimate settlement and is expressed by the equation: 

settlement at tu - = V ultimate settlement 

The Uv-Tv relationship is founded as follows: 

Uv (%) 10 20 30 40 50 60 70 80 90 

TV 0.008 0.031 0.071 0.126 0.197 0.287 0.403 0.567 0.848 

The coefficient of consolidation cv can be evaluated 

by one of the two following methods: 
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Casagrande method 

TIHE t LOG SCALE l 

t. u. 
c,crc=-=::;-·· 

~ CH.U,•-·--------
Vl 
V1 
w 
0: 
a. 
O:E t c: U• .. _________..,_ 

u 
w 
2:: 
~ L<( 

J .,_, 
0: 

Fig. 13. Casagrande construction of cv. 

In the Casagrande method, the coefficient of con

solidation cv is determined from the time-strain 

curve with strain in a linear scale and time in 

log scale (Fig. 13). In Fig. 13 is seen how U 0 and 

U1 oo are constructed. U10 o = 100% is constructed 

as the intersection between the tangent to the curve 

at its point of inflexion and the extension of the 
-

straight end part of the curve. From Uo and U100 , 

Eso at U50 = 50% is calculated and t 5 o is construc

ted. Finally the coefficient of consolidation cv 

is calculated by the following formula: 

d2 
C - T 5 O 

V t so 

where 

d = length of drainage path 

Tso = Terzaghi time factor 

For oedometers with samples drained at both ends 

and d = Ho(l-E 50 )/2 where Ho is initial sample 

height, the time factor T 50 = 0.197. Thus the 

coefficient of cons6lidation cv is calculated as: 
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C V - rJ • l f~ ,' 
i" 
V 'i 0 

Taylor method 

Fig. 14. Taylor construction of cv. 

As in the Casagrande method, the coefficient of 

of consolidation cv in the Taylor method is also 

determined from a time-strain curve with strain in 

linear scale but with time in square root scale 
-

(Fig. 14). As seen in Fig. 14 Uo (co) is determined 

as the beginning point of the curve. At U 0 (c 0 ) a 

tangent to the curve is drawn. A free horizontal 

line z is drawn that intersects the tangent of the 

curve at a certain point. The distance 0.15 z is 

calculated and the line A is constructed and U90 

(c 90 ) is taken from the intersection between the 

line A and the curve. Now the parameter U50 (c 50 J, 

U100 (c 100 J and t 9 o can be constructed and calculated. 

The coefficient of consolidation cv is determined 

by the following formula: 
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For oedometer with samples drained from both ends 

d = Ho(l-Eso)/2 where Ho is the initial sample height, 

and the time factor t 90 = 0.848. In this case the 

coefficient of consolidation is calculated as: 

d2 
- 0.848 

t 9 O 

The coefficient of consolidation cv is determined for 

every load step. According to Bjerrum, for small 

load increments up to oJ the cv-value can be deter

mined by the Taylor method and for a load exceeding 

oJ both the Casagrande and the Taylor method can be 

used. The cv-values calculated by the above methods 

should then be plotted against the effective vertical 

stress, see Fig. 15. 

2 lO 

z 
0 
I-

<! 
0 30 
_J 

0 
if) ..... -- Pa z 0 
0 QI 

u >, 20 --Pc
lL --
0 E 
1-

z 
w 
u 10 
lL 
lL 
w 
0 
u 

0 
0 20 40 60 80 100 

EFFECTIVE VERTICAL STRESS IN t!rn 2 

Fig. 15. The coefficient of consolidation observed in a 
consolidation test plotted against the vertical 
load (after Janbu, 1969). 

As seen in Fig. 15, the range of the cv-variation is 

considerable. Therefore, the cv-value to be applied 

on a practical problem has to be chosen in the appro

priate stress range (Bjerrum, 1973). 



30 

It has been found that the value of the coefficient 

of consolidation is affected by temperature 

(Bjerrum (1973), Larsson (1981), and others) There-

fore, in order to determine an accurate cv-value 

the test should be performed at constant temperature 

in a temperature-controlled room, if possible at 

the same temperature as that of the in situ soil. 

As seen above, both methods are based on types of 

settlement. There are three types of settlement 

that are usually termed (Fig. 16): 

- immediate settlement {compression) 

- primary settlement (compression) 

- secondary settlement (compression) 

. TIME (LOG SCALE) 

SYIOUSlOAO 

( -·- I INlTIAL COHPA:ESStOW c, . --, 

I 
z 
0 
.:;; PRIMARY COMPRESSl0f,( 

"' .., 
0:: 
a. 
r 
0 
u 

C,,c ~ 
w 
:: 
~ 

<{ 
~ 

w 
er 

Fig. 16. The three parts of the time-settlement curve. 

As time-settlement curves are plotted in different 

scales, the identification of these three charac

teristic settlements in both methods is different. 

In the Taylor method, the point where the primary 

compression is thought to begin is obatained by 

extending the tangent to the curve back to the 

compression axis (Vo, Eo) assuming that the immedi

ate settlement occurs fairly rapidly and is usually 
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neglected. After the point of U 90 is determined, 

the point where the primary settlement is assu~ed 

to finish (U 10 o) is determined on the compression 

axis by the relative compression at U 100 (E: 100 ), 

see Fig. 17. 

Any settlement below this t: 100 is considered as 

secondary settlement. 

In the Casagrande method, the determination of the 

point where the primary settlement begins is based 

on the assumption that, in the early stages of con

solidation, the time is proportional to the square 

of the average degree of consolidation (tv = f(UvJ 2 ) 

and therefore in the early stages we have 

!__!_ (.5:...!..)2= 
t2 E: 2 

If E: 2 = 2 E: 1 

then !__!_ (!:_) 2= 
t2 2 

-or t 2 - 4 t l 

The settlement between t1 and t2(t2 = 4t1J = E:2-£1 = d 

(in Fig. 18), because E:2 = 2E:1 so E:1 = d and with 

this assumption Uo(E:o) is determined. The point 

where the primary settlement is assumed to finish 

is obtained by the help of the coefficient of sec

ondary compression (see Fig. 18).a 8 
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9:£1..t-b___ 

Fig. 17. Identification of types of settlement: 
Taylor method. 

s, L_l_oo1. p.,~ ____ ~--

'' 

s 

Fig. 18. Identification of types of settlement: 
Casagrande method. 



33 

3.2.3 Oedometer tests with continuous loading 

Oedometer tests with continuous loading have been 

developed during the last fifteen years. Compared 

with the traditional incremental loading test, the 

oedometer tests with continuous loading have three 

advantages: 

they give continuous stress-strain relations 

they give continuous cv-stress relations 

- they can be run automatically. 

For this method, the following tests have been per

formed: 

- constant rate of strain tests (CRS-tests) 

- constant gradient tests (CGI-tests) 

- continuous consolidation tests (CC-tests). 

a) Constant rate of strain test (CRS-test) 

In the CRS-test the sample is compressed at a con

stant rate. The sample is drained at the upper end 

and sealed at the bottom where the pore pressure 

is measured. During the test, the compressive force, 

the deformation, the pore pressure at the bottom 

and time are automatically recorded continuously. 

Besides parameters of compressibility obtained 

from oedometer tests with incremental loading, 

CRS-tests give the following continuous relations: 

- effective stress and strain 

- modulus and effective stress 

- coefficient of consolidation and effective stress 

- permeability and strain. 

During 1971-1975 a large investigation was carried 

out on comparisons between different oedometer 

tests and between oedometer tests and field obser

vations. This investigation led to the recommendation 
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of the CRS-test as a routine test for soft clays 

and this method became a standard test at the 

Swedish Geotechnical Institute in 1975 and has 

also been used in many Swedish consulting firms. 

b) Constant gradient test (CGI-test) 

The constant gradient test is performed with con

stant pore pressure. In the CGI-test the strain 

rate should be regulated so that the pore pressure 

in bottom of the sample is kept constant. Due to 

test condition, the CGI-test is more complicated 

and slower than the CRS-test. 

c) Continuous consolidation test (CC-test) 

This test has mainly been developed at the Norwegian 

Institute of Technology. The CC-test is performed 

with a constant relation between the applied load 

and the pore pressure in the bottom of the sample. 

It requires the most complicated equipment. According 

to the Swedish point of view, if compared to the 

CRS-test, the main advantage of the CC-test is that 

it can automatically adjust the rate of strain to 

the tested sample. Norwegian experience found that 

for low plastic Norwegian clay the CC-test could 

be performed much faster than the CRS-test. 

3. 3 Determination of strength characteristics 

In Sweden the undrained shear strength of soft clay 

has commonly been determined by laboratory fall-cone 

test {Fig. 19). Besides this test, the shear strength 

of soft clay can be determined by the direct shear 

test or the triaxial test. 
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Fig. 19. Laboratory fall-cone apparatus. 

The fall-cone test was developed by the Geotechnical 

Commission of the Swedish State Railway between 1914 

and 1922 and has been widely used in Sweden since 

then. It is a simple and rapid method for determining 

the undrained shear strength of both undisturbed and 

remoulded clays. 

In a test the cone is usually placed in the stand of 

the apparatus in such a way that the tip of the cone 

just touches the surface of the soil sample. The cone 

is then dropped freely into the soil and the depth 

of penetration measure<l. 

Different cones have been used and nowadays the follow

ing cones are standard for different range of the 

shear strength 

400 g 30° 

100 g 30° 

60 g 60° 

1 0 g 60° 
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3. 3. 1 Determination of undrained shear strength 

by fall-cone tests 

The cones 60 g 60° and 100 g 30° are often used to

day. The 60 g 60°-cone was chosen as unit cone and 

the relative strength number for 10 mm penetration 

with this cone was set= 10. The strength number for 

a completely remoulded sample was indicated by H1 , 

and for a partly disturbed by H2 and for an undis

turbed by H 3 • Comparisons with direct shear tests 

and landslides have resulted in the following relation 

between the undrained shear strength Tfu in kN/m 2 

and the strength value H 3 • 

10H 3 (32+0.D73H 3 ) (Skaven-Haug)Tfu = 
10H 3 (40+0. 0SSH3) (Hultin)1 fu = 
10H 3 (36+0. 064H3) (SGI)Tfu = 

The SGI relation is a mean value of the two relations 

mentioned above (Skaven-Haug's and Hultin's). 

The evaluation of undrained shear strength is nowa

days often made according to Hansbo (1957). 

J))A> f)'J+)IJ )j>})-Y_.,;;-;) > j -<,---- 711;- ,,, 'l '' >J7>77>>77M>>> >>1->I 

' I . 

/' 
' / )._ 
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m a - k·g•-:- (1 + -:-) (Hansbo, 195 7)2?, ?, 

where 

Tfu = undrained shear strength, kPa 

k = constant (primarily depending on the cone 

angle) 

g = 9. 81 m/s 2 

m = mass of cone, g 
?, = cone penetration, mm 

a = free height of fall, mm 

In Hansbo's formula the value of k depends primarily 

on the cone angle. The evaluation of k has been made 

by calibration against results from field vane tests 

for undisturbed clays and from laboratory vane tests 

for remoulded clays. Fig. 20 present the k-value for 

Swedish clays taken with standardized piston sampler 

(Hansbo, 1957). 
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Fig. 20. k-value for Swedish clays taken with standardized 
piston sampler (Hansbo, 1957). 

According to Karlsson (1962), k-values for remoulded 

soils by calibration from vane tests in laboratory 

are evaluated as follows. 



cone angle k-value 

30 ° 0.27 

60° 0.80 

The recommended values fork in Sweden are k = 0.25 

for cone angle 30° and k = 1 .0 for cone angle 60°. 

3. 3. 2 Influence of incorrect height adjustment 

In a test the cone should be placed in the stand of 

the apparatus in such a way that the tip of the cone 

just touches the surface of the soil sample. The 

tests are easy and simple but it is very important 

to make the correct height adjustment, because it is 

a main source of error of the fall-cone method. 

Any incorrect height adjustment can be corrected in 

the tests. There are three cases of height adjust

ment. 

a) Correct height adjustment (standard test) 

The undrained shear strength 

in standard test is calcu

lated according to the 

formula: 
I\ 

\ I 

' /' ,', , = k•g 

where i, = correct cone pen

etration. 

b) Initial penetration 

\ 
\ 

\ I 

' I\ ,
\ / 

'{__ 

1, 0 

1, 2 

= 
= 

initial penetration 

determined cone pen-

etration 

1, ? = i + t:,i 
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c) Initial height of fall 

1 m ( a'fu = K•g 77 1 + -.-)
& 1 & 1 

where 

a = initial height of fall 

\ 
a+i1 = determined cone pen-

' etration
' ' ' ' , ' 

' 
a+i1 = i+6i 

V 

As seen above, the most important part of the fall

cone method is the height adjustment (height of fall 

of the cone). According to Broms (1982) a deviation 

of only 0.3 mm can lead to an error of about 2 to 3% 

with respect to the shear strength of the soil when 

the water content is 100% and the penetration is 7 mm. 

In order to obtain the Tfu-value quickly, a table 

has been prepared (Table 4). The prepared table is 

applicable for different cones with different pen

etration (different range of shear strength). By 

choosing a suitable cone, the fall-cone test can be 

used to determine the undrained shear strength in a 

range of 0.060 to 95 kPa. 
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Table 4. 
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3.3.3 Shear strength in direct shear tests 

In Sweden the direct shear tests are often used to 

determine the shear strength by a modified SGI oedo

meter (Fig. 21). In this apparatus the sample in the 

tests is first consolidated and then sheared to 

failure. The drained or undrained shear strength can 

be determined in direct shear tests. The test sample 

has a diameter of 50 mm and a height of 10 mm and 

20 mm in drained and undrained tests respectively. 

During the tests horizontal stress, horizontal defor

mation and vertical deformation are measured. 

-m-
L 

·--< -1 

Fig. 21. The SGI shear apparatus. 

From the test results the shear stress versus angular 

distortion is plotted for every vertical stress as 

seen in Fig. 22. 
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6 ~ kPo
Cv 0/o o·= 60 kPo & 80 kPo 

t )0 
kPo a= 90 kPo 
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o =60 kPo 

o·=JS kPo o =35 kPo 

10 o'=20 kPo 10 
a =20 kPa 

0 0 ---------~------
0 0 2 , 6 8 10 12 ll Y r/100 

Y r/100 

Fig. 22. Shear stress, angular distortion and vertical 
deformation in consolidated drained direct shear 
tests (a) and in consolidated undrained direct 
shear tests (b). 

The shear stress at failure is evaluated as a peak 

shear stress. In the case no peak the shear stress 

at failure is evaluated according to Swedish practice 

as the shear stress at an angular distortion of 0.15 

radians. 

The shear strength obtained from direct shear tests 

is plotted as in Fig. 23. 
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Fig. 23. Shear stress at failure versus vertical stress in 
direct shear tests. 
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Research and experiments have shown that for soft 

clays, the relation between shear strength and 

vertical stress changes at the preconsolidation 

pressure in both undrained and drained tests. It 

has also been found that there is a second breaking 

point at half of the preconsolidation pressure in 

the relation between drained shear strength and ver

tical stress (Tfd-o' curve) as seen in Fig. 23. 

a) Generalized model for shear strength of soft clay 

in direct shear tests 

The shear strength from direct shear tests can 

generally be expressed by the equation: 

where 

a' = vertical effective stress 

~, = effective angle of friction 

According to Larsson (1977), the effective angle 

of friction can be evaluated by the formula: 

~I = ~ - Qp 

where 

~, = effective angle of friction 

~p = angle of interparticle friction 

a = angle between direction of particle displace

ment and horizontal plane (a= arc tan d£v/d£H) 

The effective angle of friction~, depends on ~p 

and a and also on stress level. 

Generalized drained shear strength 

According to Larsson (1977), a failure line in the 

relation between drained shear strength in direct 
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shear and effective vertical pressure has the 

shape as seen in Fig. 25 for three types of clay: 

- normally compressible soft clay has wn ~ wL ~ 70% 

and st ~ 15 and a clay content of about 60% 

- clay with low compressibility, sensitivity and 

rapidity (low rapidity means that the structure 

of the clay is insensitive to deformations and 

vibrations and a lot of work is required to break 

it down, Soderblom et al, 1974) 

- highly sensitive clay with high rapidity often 

has awn> wL. 

LOW COMPRESSIBLE 

_,---65•
/' 

/' 
/' 

,,,,,/' NORMALLY COMPRESSIBLE 
/' 

/' 

,........-:::1\o·-
HIGHLY SENSITIVE 

o·0.Soc 

Fig. 24. Generalized drained shear strength in direct 
shear (after Larsson, 1977). 

As seen in this figure the shear strength directly 

depends on the compressibility of the clay and the 

stress level. For three types of clay there are two 

breaking points on a failure line, one at 0.5 0 
C 

I 

and another at a~ (o~ is the preconsolidation 

pressure). Research and practice have found that 

all failure lines for vertical stress below 0.5 a~ 

are drawn as straight lines through origo with an 

angle of about 30° without great errors. 
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For the effective stresses higher than the pre

consolidation pressure, the drained shear strength 

can be calculated by the formula: 

T fd ::: 0 'tgq; 

where 

Tfd = drained shear strength, kPa 

o' = effective stress, kPa 

~ = effective angle of friction, degree 

Generalized undrained shear strength 

The undrained shear strength that can be mobilized 

in soft clay is shown in Fig. 25. In undrained shear 

the change in pore pressure during the test affects 

the effective stresses. According to Larsson (1977), 

the pore pressure will decrease in the sample con

solidated under vertical stress lower than about 

0.45 oJ and the pore pressure will increase in the 

sample consolidated under higher vertical stress. 

r 
I 

~Po' 

50· 

I 

301 
Ttu '✓ ArJE &CONE 

0.25 a;'~ 
0 

101 
I 

,• 

10 20 JO lO 50 60 70 80 90 (T kPo 

r{ 

Fig. 25. Undrained strength in direct shear tests 
(after Larsson, 1977}. 
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b) Shearing rate 

The direct shear tests are usually performed with 

the shearing as a horizontal movement of the upper 

part of the sample. In Sweden the following shearing 

rate is normally used for undrained and drained tests 

with stepwise loading in direct shear tests, Table S. 

Table 5. The shearing rate in direct shear tests for every 
normal stress, o'. 

Test Horizontal Shearing rate 
deformation 
of sample 

Undrained tests 0-0,5 mm t;t J'/20 each 30 I 

>0,5 mm [H = o'/40 each 15' 

Drained tests 0-0,25 mm L'n = o'/20 each 30 I 

>0,25 mm fn = 0'/40 each 15' 

c) Normal stresses 

It is known that the direct shear strength for soft 

clay directly depends on the compressibility of 

the clay and the stress level. The preconsolidation 

pressure o~ of the tested soil is required in the 

tests and in the interpretation of the test results. 

That the relation between shear strength and 

normal stress changes at a stress of 0.5 o~ and 

o~ is generally accepted for soft clay. Before 

shear tests the o~-value for the tested soil 

should be known. The o~-value is necessary to 

decide suitable consolidation stresses in the 

tests (also the stresses at which the samples are 

sheared). 

To enable the plotting of the failure line as a 

relation between shear strength and normal stress 

samples of the tested clay should be sheared to 
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failure under at least four normal stresses: 

0.3 a;, 0.6 a;, 0.85 o~ and 1.5 o; (where o; is· 

the preconsolidation pressure). The failure line 

that can be plotted from drained direct shear 

tests is shown in Fig. 26. 

v. 
Le, 

0 

Fig. 26. The failure line drawn from drained direct shear 
tests. 

In Fig. 26 the empirical finding that the failure 

line for normal stresses between 0 and 0.5 a; is 

fairly straight and passes through the origin is 

used together with the knowledge that the failure 

line for normal stresses above o~ is straight and 

its extension passes through the origin. 
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4. PRACTICAL SIGNIFICANCE OF THE PRECONSOLIDATION 

PRESSURE 

The preconsolidation pressure has great significance 

in the practice of geotechnical problems. The most 

important practical application of the preconsolidation 

pressure is in connection with settlement analyses 

and geological investigation. The role of ad in the 

geological investigation has been presented above 

(part: classification and identification of soft clays) 

The preconsolidation pressure JJ plays its important 

role in settlement analyses. The following example 

presented by Casagrande (1936) will illustrate the 

role of oJ in settlement analysis (Fig. 27). 

A clay layer has been com
0 

I pressed at one time in the 
<( 
C<'. history by an overburden 
Q 

0 pressure of 3 kg/cm 2 which 
::::,. 

later was reduced by for 

instance erosion to the 

' present overburden pressure 
0.1 LO 2 3 IO of 1 kg/cm 2

• If a building
PRESSURE lti KG./SQ.CM. 

with a load of 1 kg/cm 2 now 

Fig. 27. Settlement with pre- is set up on this clay, the 
consolidation pressure. compress ion under the build

ing load (6 1 ) will take place along the re-compression 

curve from point B to C. If the preconsolidation press

ure (in this example o; = 3 kg/cm 2 ) is not taken into 

account and the settlement is calculated based on.the 

present overburden pressure (oj = 1 kg/cm 2 ) the com

pression from the building load would then follow the 

virgin compression curve from D to E equal to 62- As 

seen in Fig. 27 6 2 > 6 1 and according to the author 62 

may be five to ten times greater than 61. 

From the above example it is clear that in connection 

with settlement analysis it is necessary to carefully 

study the preconsolidation pressure. 

http:KG./SQ.CM
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5. SETTLEMENT CALCULATION 

The classical method for calculation of settlement 

on soft clay is based on the assumption that the clay 

is normally consolidated (oJ = a0 ). Therefore the 

settlement is calculated by the classical equation: 

z Cc 
I I 

l ao+!::.a t:.z0 - I: og a,1 +e 00 

where 

!::.z = thickness of the individual clay layer 

= effective overburden pressurea 0 

60 = vertical load increment 

Cc = compression index 

= initial void ratio of clay.e 0 

According to Bjerrum (1972, 1973) the settlement of 

soft clay calculated by the classical equation is too 

large, because the clay in fact is lightly or heavily 

overconsolidated. 

In this method, the compression index Cc is calculated 

from e log a' curve (see Fig. 11a): 

6e !::.e 
0 1 +60 1 t:,, log a'

log o' 

In order to avoid the determination of the void ratio, 

the compression index c 2 is used in Sweden. The com

pression index c 2 is the relative compression of the 

sample and it is evaluated from compression-log press

ure curve (see Fig. 11b). 

The relation of these compression indices is: 

The settlement based on the compression index c2 is 

therefore calculated by the formula: 
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z 
0 J + 60 1 

6::: l: l~: 2 log 
0~

0 

The above calculation of settlement is based on the 

assumption that the oedometer curve is linear in a 

s-logo' curve as well as in a e-logo' curve for stresses 

higher than the preconsolidation pressure. However, 

for some clays this assumption is not valid (Larsson, 

1977, 1981). In this case the settlement calculated 

by the above formula is not correct, as the method 

for evaluating the compression indices (Cc and s 2 ) is 

not suitable. 

In the cases, when the oedometer curve is not linear 

for stresses higher than the preconsolidation pressure, 

the tangent modulus Mis often used for expression of 

the soil compressibility (Larsson, 1981, Janbu et al, 

1967). The method for evaluating the tangent modulus 

Mis described in this report, see part 4. 

The settlement with the tangent modulus theory is 

calculated by the formula: 

z t::.o, 
cS ::: I: M 6z -

0 

in which the tangent modulus 0 is calculated by the 

formula: 

~1· , (!?__!_) 1- 8 r-- = m a. ,
Ja. 

J 

where 

m = modulus number 

G = pressure exponent 

a' = effective vertical pressure 

a~= reference pressure, usually 100 kPa (Andreasson
J 

et al, 1973) 
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2 

rS - [ logz~; 2 
0 

The above calculation of settlement is based on the 

assumption that the oedometer curve is linear in a 

E-logo' curve as well as in a e-logo' curve for stresses 

higher than the preconsolidation pressure. However, 

for some clays this assumption is not valid (Larsson, 

1977, 1981). In this case the settlement calculated 

by the above formula is not correct, as the method 

for evaluating the compression indices (Cc and Ez) is 

not suitable. 

In the cases, when the oedometer curve is not linear 

for stresses higher than the preconsolidation pressure, 

the tangent modulus Mis often used for expression of 

the soil compressibility (Larsson, 1981, Janbu et al, 

1967). The method for evaluating the tangent modulus 

Mis described in this report, see part 4. 

The settlement with the tangent modulus theory is 

calculated by the formula: 

z /J.0 I = ~ [_J_(o~ ~ /J. o J B_ (~ J B} /J. 2o = I: M /J.z mB a. a. 
0 0 J J 

in which the tangent modulus Mis calculated by the 

formula: 

'1 , {~) 1-B,..-: = m o. ,
Ja. 

J 

where 

m = modulus number 

B = pressure exponent 

0 
1 = effective vertical pressure 

o~ = reference pressure, usually 100 kPa (Andreasson
J 

et al, 1973) 



5 1 

In the case B = 0 the settlement is then calculated 

by the following formula: 

z 1 
0 - [ in o~+6o' 6.z 

m o/y
0 

0.69and the modulus number rn -
E z 

The above formulas in the calculation of settlements 

are applicable to normally consolidated soft clay 

with oJ = o~ (where is the effective overburdeno0 
pressure and oJ is the preconsolidation pressure). In 

the calculation of settlement for overconsolidated 

clay (aJ > ~J) the 0~ is used instead of cJ in the 

formulas. 
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6. DESIGN PARAMETERS OF SOFT CLAYS 

The shear strength of a soil is a basic parameter 

used in stability calculation for many structures, 

such as: 

- embankments on soft clay, 

- slopes, 

- foundation, etc. 

For this reason, many methods and apparatus have been 

developed for determining the strength properties. 

The choice of suitable methods and apparatus in both 

laboratory and field tests is very important. It has 

been found though, that a more important problem is 

that of how to use the geotechnical properties in 

design. This problem is generally concerned with soft 

clays and has become an interest for many researchers. 

Generally the soft clays are very sensitive to struc

tural disturbance. The disturbances of samples occur 

in the process of boring, sampling, transportation, 

storage and testing. The samples brought into the 

laboratory are therefore seldom undisturbed. The results 

of laboratory soil tests are affected by sample dis

turbance. For laboratory technicians who test soil 

samples and for engineers who analyze geotechnical 

problems, it is important to know how design parameters 

obtained from laboratory tests are influenced by sample 

disturbance and which parameters are sensitive to 

sample disturbance. Many researchers have found that 

for soils, especially for soft cohesive soils, the 

deformation and strength properties are sensitive to 

sample disturbance. 

In order to limit the sample disturbance (that means 

to increase the sample quality), many different methods 

and samplers for sampling in soft cohesive soils have 

been developed. A description of different methods for 
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taking samples in soft cohesive soils was presented 

in International Manual for Sampling of Soft Cohesive 

Soils recommended by the Sub-committee on Soil Sampling, 

International Society for Soil Mechanics and Foundation 

Engineering, Tokyo, 1981. On the other hand, a great 

number of research and tests on the quality in soil 

sampling and the determination of effects of sample 

disturbance on geotechnical properties have been carried 

out. All of this work has been carried out to obtain 

real geotechnical properties of soft cohesive soils. 

For this purpose, numerous observations from failures 

of slopes and embankments and comparison of the test 

results in stability calculation of embankments and 

foundations have been performed. From this work differen1 

methods for correlation of geotechnical properties 

have been introduced. 

Some methods for correction of undrained shear strength 

of soft clays are presented below. The effects of 

sample disturbance on geotechnical properties of soft 

clays are presented in report No 3. 

6.1 Correction of undrained shear strength of 

soft clays 

The undrained shear strength of soft clays is usually 

determined in field vane tests or in laboratory tests. 

The corrections of undrained shear strength of soft 

clays (normally consolidated or slightly overconsoli

dated) according to field vane tests and fall-cone 

tests is summarized below. 

Many observations from failures of slopes, embankments 

and foundations on soft clay have shown that the un

drained shear strength measured by field tests or 

laboratory tests on soft clays are often too high 

(sometimes too low). The theoretical calculations of 

factors of safety have also showed this. In stability 

calculation the undrained shear strength of soft clays 
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measured by field vane tests and laboratory fall-cone 

or vane tests therefore should be corrected in order 

to correspond to the real shear strength of these 

clays. The correction (or reduction) of undrained 

shear strength is made as follows. 

If the undrained shear strength measured by field 

vane test and fall-cone test is expressed in Tv and 

Tk respectively, the undrained shear strength to be 

used in stability calculations Tfu should be reduced 

by the reduction factor~: 

or 

The reduction factor w is less than unity (1) and de

pending on soil type, state of soil etc. 

There exists different methods for correcting the 

undrained shear strength of soft clays. The methods 

for correcting the undrained shear strength have 

developed in two directions. In the first direction, 

one attempts to correct the undrained shear strength 

by modelling field behaviour via consolidated-un

drained tests performed with different stress histories 

and modes of failures. The second direction develops 

empirical correlation among soil type, the in situ 

test methods and the type of stability calculation. 

The methods based on model require complicated 

equipments. Therefore methods based on empirical 

correlation seem to be preferred by many engineers. 

Empirical methods for correction of undrained shear 

strength are based on some physico-mechanical proper

ties of clays. Almost every method uses soil proper

ties such as liquid limit, plasticity index, ratio of 

vane shear strength to the effective overburden press

ure, overconsolidation ratio as parameters in empirical 

relation. Representative for these methods are 
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Bjerrum, Hansbo, SGI and others. Other authors such 

as Pilot, Aas use the relationship between the theor

etical factor of saftety and the empirical factor of 

safety at failure. In this method, physico mechanical 

properties are used as a basis for the correction 

and should then be calculated as a mean value for the 

critical slip surface. It should be noted that the 

plasticity index Ip internationally has been commonly 

used as a parameter in empirical relations, but in 

Swedish practice the liquid limit wi is often used. 

Corrections of undrained shear strength are often 

made for organic and high plastic clays but according 

to some authors corrections should be made also for 

inorganic clays. 

6. 1. 1 Methods for reducing undrained shear strength 

of soft clays measured by vane tests and 

fall-cone tests 

In 1946 the Swedish Geotechnical Institute (SGI) rec

ommended that the reduction factorµ for undrained 

shear strength from fall-cone test should be based 

on the organic content of the clay: 

µ = 0.80 for organic clay 

µ = 0.60 for gyttja (ooze) 

SGI (1969) found that the reduction should be made not 

only for fall-cone tests but also for vane tests and 

the same reduction factorµ should be used for both 

Tk and Tv based on the liquid limit wF. Table 6 shows 

the µ-value for undrained shear strength measured in 

fall-cone tests or field vane tests recommended by 

SGI (Broms, 1972). 
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Table 6. Reduction factor for lk or Tv recommended by 
SGI (Broms, 1972). 

Cone liquid Reduction factor 
limit wL ( % ) µ 

80-700 0.90 

100-120 0.80 

120-150 0.70 

150-180 0.60 

In 1972, 1973 Bjerrum, through his comprehensive study 

of reported failures in different parts of the world, 

found that the undrained shear strength measured by 

vane test in soft clay should be reduced. The Bjerrum's 

reduction factor is based on the plasticity index Ip. 

According to Helenelund (1977) this reduction factor 

can be expressed approximately by the formula 

1. 2 
u = 

If this reduction factor is depending on the liquid 

limit wL, according to Helenelund (1977) the relation

ship betweenµ and wL is as showed in Fig. 28. In this 

figure the reduction factor according to SGI {table 6) 

is also showed in order to compare these two reduction 

factors. 

LIOU ID LIMIT WL OR WF % 

50 100 150::i. 1 0 
a: 
0 09
f- ACCORDING TO SGI 
u 

08~ 
z 07
0 4CCORDING ro 
t-- BJE RRUMS CASE RECORDS 
u 06 
::) 
0 
w 05 
a: 

Fig. 28. Reduction factor as a function of the liquid limit. 
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As seen in Fig. 28, according to SGI, the reduction 

of undrained shear strength is made for clays with 

a liquid limit wL ~ 80%, whereas according to Bjerrum 

it is made even for clays with a liquid limit wL < 50%. 

On the other hand, there are differences between these 

reduction factors. For clays with a liquid limit less 

than about 120% the differences between reduction 

factors recommended by SGI and Bjerrum are important. 

For higher plastic clays (wi > 120%) the SGI's and 

Bjerrum's reduction factors are of small difference. 

Based on analyses of embankment failures Pilot (et al, 

1972) found that the theoretical factor of safety at 

failure increases with both increasing liquid limit 

and increasing plasticity index. According to the author 

the factor of safety at failure can be expressed by 

the empirical equations 

Psf = 0. 6 WL + 0. 7 

Psf = 0. 7 Ip + 0. 9 

where 

WL = liquid limit (%/100) 

I~ = plasticity index (%/100) 

In this case, the reduction factor can be calculated 

asµ= 1/Fsf· This reduction factor is applicable for 

undrained shear strength measured by vane tests. 

1 1-lJ -
0.6wi+0.7f 

1 
~l - ,,

;. s; 

From the above equations it is clear that w = 1 when 

the equations 
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U.IJ uJL + U., + uJL - SOS 

and 0.? Ip + 0. 9 :::: 1 + 1 - 14.3%0t 

If the reduction factors are considered equal for 

undrained shear strength measured in fall-cone tests 

and vane tests and the reduction factorsµ are com

pared, according to different authors the difference 

in these µ-values can be found. On the other hand we 

can find the limits of the consistency of clay where 

the undrained shear strength has to be reduced or not 

(Table 7). Table 7 shows a lower limit of consistency 

of clay where the reduction factorµ should be made 

according to SGI, Bjerrum, Pilot. 

Table 7. The reduction factor w should be made for a lower 
limit of consistency (w£, Ip). 

Reduction when 
Author 

wL ( % ) Ip ( % ) 

SGI (1972) >80 -
-

Bjerrum (1972, 1973) >50 >20-
Pilot (1972) >50 > 1 4 

The ratio of undrained shear strength from vane tests 

to effective overburden pressure (Tv/o0) is also used 

for the calculation of the reduction factorµ. 

In 1976 Aas (et al) found that a linear relationship 

between the factor of safety at failure and the 

Tv/oJ-ratio can be expressed by the formula: 

Fsf :::: 2.? Tr/oJ + 0. 38 

In this case, the reduction factor w will be 
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1 2. 6 
Tv/aJ + 0. 38 1 

where 

Tv = mean (uncorrected) vane shear strength 

oJ = mean effective overburden pressure 

Helenelund (1977) found by his comparison between 

different methods for reducing the undrained shear 

strength of soft clay that: 

- The ratio '"lo) seems preferably to be used as a 
V u 

basis for reduction, for example according to the 

formula 

,,... 
1 + 7 Tv/oc5 

The use of a reduction factor is depending on the 

ratio Tv/o; and the relationship between this ratio 

and the liquid limit wL (Fig. 29). 

0 50 100 150 
1 :; 

µ: f 1 (.,'LI µ =f,(lv/0~) 
:1 :::e / 

:r 

~ C'--' 
"J<1'. 

u. 

2 
z 

2) µ =_2~.6-~ USE SMALLER µ-VALUE 
,- 0.L 1•7 t,/Oo 
u 
::, 
0 
w 
a:: 02 

01 02 03 OL 05 

RATIO lv/Oo 

Fig. 29. Relation between the wi-scale and the Tv/Oa-scale 
in the reduction factor W (according to Helenelund, 
1977). 
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According to the author, the reduction factor can 

be found using the wl-scale in Fig. 29 when 

Tv/o 0 < 0. 10 + 0. 25 wr 
LJ 

If the Tv/o0-ratio is greater, the µ-value should be 

determined using the Tv/oo-scale. 

Instead of the liquid limit used in Table 6, the re

duction factor w is taken from Table 8 according to 

the formula 

0. JO 
1v.!::r0 

Table 8. Reduction factors as a function of the Tv/oJ-ratio. 

Ratio Tv/oJ Reduction factor w 

0.30 - 0.35 0.90 

0.35 - 0.40 0.80 

0.40 - 0.475 0.70 

0.475 - 0.55 0.60 

0.55 - 0.65 0.50 

0.65 - 0.85 0.40 

> 0.85 0.30 

Many relationships between the Tv/06-ratio and the 

liquid limit WL or the plasticity index Ip have been 

proposed by authors, such as: 

-

Bansbo (1957) T r/ oJ -- J.45 l.JL 

Belenelund (1977) Tv/c~ - J. 10 + 0.25 l.J 
LJ 
r 

Skempton ( 1 9 5 4 ) Tv/oJ - 0. 11 + 0. 3 7 Ip 

-

Fig. 30 shows the undrained shear strength determined 

by field vane test over preconsolidation pressure 

versus liquid limit according to different authors. 
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The same data in Fig. 30 plotted against the plas

ticity index are shown in Fig. 31. 

DATA FROM BJERRUM(1951.) 

• DATA FROM HAN580( 1957) 

1.0 o JATA FROM KARLSSON & V18ERG(1967) 

o BANGKOK C!.AY (BJERRUI-' 1973) 

• KALIX SVAR TMOCKA ( HOLTZ t HOLM 1973) 

~ VA!.EN IJRG CLAY 8 

0.8 

0.6 . -~ 
:0 • • / . . . ~ 

~--~ 
0.1. Y<.o0 o o 

• •• ---~ 0 •

•,c:-' ~;:.• 0 

• ,~ 0 0 

0.2 

~ I 

,: 

0 

0 20 60 120 li.O 160 

Fig. 30. Undrained shear strength determined by field vane 
tests over preconsolidation pressure versus liquid 
limit (after Larsson, 1980). 
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, DATA FROM BJERRUM (195l) 

• DATA FROM HANSBO Q957) 

o DATA FROM KARLSSON 8 VI BERG Q96:J 
o BAr--.GKOK CLAY ( BJERRUM ;973) 

• KALIX SVARTMOCKA (HOLTZ t HOLM 1973) 

a VAL EN ORG CLAY 

1.0 

0 

0.8 

0.6 

0.l 

0.2 

0 
100 120 ]p ¾

0 20 lO 60 80 

Fig. 31. Undrained shear strength determined by field vane 
tests over preconsolidation pressure versus plas
ticity index (after Larsson, 1980). 

Moreover, due to different other factors affecting 

the results from field tests and laboratory tests, 

some factors correcting undrained shear strength of 

soft clays should be considered: 

- correction factor for the effect of time 

- correction factor for anisotropy 

- correction factor for progressive failure, etc. 

All reduction factors or factors correcting different 

effects affecting undrained shear strength are con

cerned with the calculation of the economic optimum 

value of the factor of safety (Foptl. The factor of 

safety for earthworks has normally been recommended 
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as L"s = 1. 30-1. 50. The relo.tionship between the factor 

of safety and different costs for construction 

(B = construction costs, R = risk of reconstruction 

cost, M = risk of machine damages, P = risk of human 

accidents) by a calculation of the construction costs 

of the Saima canal is shown in Fig. 32. The optimum 

factor of safety in this case is found, Fopt = 1.50. 

It should be noted that the optimum factor of safety 

depends on the R-, M- and P-costs that in turn depend 

on different types of structures, during which period 

the failure occurs. The optimum factor of safety also 

depends on an analytic method (short-term stability 

or long-term stability). The Fopt-value applied in 

long-term stability may be much higher than one in 

short-term stability (Helenelund, 1977). 

1000 

Fopt =1.50 

800 

R
E 
'-. 600.Y 

E 
LL 

V) 
f Construct,on costsa = 
Vl 
0 
u lOO R = Risk of reconstruc t1on costs 

8 
M= Risk of machine damages 

p = Risk of human accidents 

200-1-.----r----+----r---~--------19 
1.3 1.l 1.5 1.6 1.7 1.8 1. 

FACTOR OF SAFETY F
5 

Fig. 32. Determination of the optimum factor of safety F0 pt· 
R-, M- and P-costs are proportional to the probability 
of failure. 
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The influence on shear strength reduction on the 

numerical value of the optimum factor of safety 

(Fcptl has been considered. Fig. 33 shows the econ~ 

omic optimum values of the factor of safety according 

to construction costs and costs of repair of a sec

tion of the Saima canal (at failure 2, Slunga et al, 

197 2) • 

150 
NO REDUCTION"§ 

u. 
(REDUCTION ACC TO BJERRUM>-- 1 L.Q 

AND FOR ANISOTROPY -w 
LL 
<i 
Vl 

B , CONSTRUCTIOt--., COSTS 
u. 1 30
0 R = RISK OF RECOt--.,STRUCTION COSTS 
a: 
0 M = RISK OF MACrllNE fJAV.AGES ,-
'...) 
<i 1 20 P , RISK OF HUMAN ACCIOENTS 
u.. 

I_,,::E N 
:::, . en co 
::E 0110 

0- 1~n:: ::1. " . ::1. ::1. 
0 r

100 
1 0 09 08 

REDUCTION FACTOR µ 

Fig. 33. Influence of shear strength reduction on the 
numerical value of Fopt· 

As seen from Fig. 33 it is clear that the Fopt-values 

without reduction of undrained shear strength are 

higher than the ones with reduction. From this figure 

it is also seen that the Fopt-values depend on which 

costs that are taken into account. 
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1. INTRODUCTION 

In many parts of the world, large areas are covered 

by soft clay deposits. Civil engineers, engineering 

geologists and others who are concerned with the 

design and construction of structures have been in

terested in the problems of construction on deposits 

of soft clay. 

Laboratory investigations on soft clays have been 

intensively developed, especially in Sweden as well 

as in Scandinavian countries with their extensive 

deposits of soft clays. Whereas in Vietnam laboratory 

as well as field investigations on soft clays still 

have limitations as to methods and equipments. 

The purpose ot this report is to collect and summarize 

some Swedish methods and experiences in the laboratory 

investigation on soft clays. The classification and 

identification and problem of design parameters of 

soft clays are also collected. 
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2. CLASSIFICATION AND IDENTIFICATION 

Recent research has shown that soft clays have their 

particular characteristics and the classification 

and identification of these clays should be based 

on their engineering properties. The following in

formation on which the classification and identifi

cation on soft clay may be based is: 

- the geological history (stress history) of the 

deposit 

- the water content and the Atterberg limits 

- the strength properties: vane shear strength 

- the deformation properties: the compressibility 

characteristics determined from oedometer tests. 

Based on the above information, Bjerrum (1973) proposed 

that soft clay can be classified into the following 

main groups: 

1. Normally consolidated clays 

- normally consolidated young clays 

- normally consolidated aged clays 

2. Overconsolidated clays 

3. Weathered clays 

4. Quick clays 

5. Cemented clays. 

Two groups (normally and overconsolidated clays) are 

briefly presented below. 

2. 1 Normally consolidated clays. 

The normally consolidated clays can be "young" or 

"aged". The difference between these clays is 
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shown in Table 1. 

Table 1. Characteristics of "young" and "aged" normally 
consolidated clays. 

Normally consolidated young clays Normally consolidated aged clays 

Clay which has recently been Young clay under constant 
deposited. effective stress for long time 
large settlement under (hundreds or thousands of 
aJ + !::.a years). Without significant 

settlement under at + !::.a (!::.a 
is definite value). 

Small strength and greater Greater strength and small 
compressibility compressibility 

o' =a' (from e-Zog o' curve) (from e-Zog o' curve)0 C aJ < a'C 

Overconsolidation ratio Overconsolidation ratio 
0C 

1/00 
1 =1 0C 

1/00 
1 > 1 and increases with 

the plasticity index Ip. 

Tv increases linearly with 06 Tv increases linearly with o'0 
smaller ratio Tv/06 greater ratio Tv/ot 

Fig. 1 shows the difference in the geological history 

and compressibility of a "young" and an "aged" normally 

consolidated clay according to Bjerrum (1973) based 

on thee-logo' curve from consolidation test. 

YOUNG NORMALLY CONSOLI -

DATED CLAY Pc = P0 

., 
0 AGED NORMALLY 
..... 
<t pc> Poa:: 
0 
0 
> 

Equilibrium void ratio 
at different time of 
sustained loading 

VERTICAL PRESSURE IN LOGARITHMIC SCALE 

Fig. 1. Geological history and compressibility of a "young" 
and an "aged" normally consolidated clay. 
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The ratio of the vane shear strength Tv to the effec

tive overburden pressure 0 6 as well as the ratio of 

the preconsolidation pressure to the effective over

burden pressure of both "young" and "aged" normally 

consolidated clays depend on their plasticity index 

Ip. Fig. 2 shows the correlation between the Tv/06-
and 0J/06-values (in figure su!Po and Pclp 0 ) and the 

plasticity index Ip. 

0.8 

0.6 
Su 

Po 
0.4 

0.2 

0.0 
0 20 40 60 80 100 

Jp 

0 20 40 60 80 100 
lp °lo 

Fig. 2. Typical values of (su/p0 ) vane and PclPo observed 
in normally consolidated late glacial and post 
glacial clays. 

From Table 1 and Figs. 1 and 2 it is clear that by 

using some engineering properties we can easily dis

tinguish the "young" normally consolidated clay from 

the "aged" one. 
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2.2 Overconsolidated clays 

The overconsolidated clays are clays whose present 

effective overburden pressure is less than a maximum 

previous effective pressure under which the clays 

once were consolidated. Overconsolidation is the 

result of one of the following causes: 

surface erosion 

- decrease in pore water pressure during a certain 

time in the history of clays 

- excavation 

- variation in groundwater level. 

For these clays the ratio of the maximum previous 

effective pressure (often called the preconsolidation 

pressure) to the present effective overburden pressure 

is used to determine the degree of overconsolidation. 

This ratio is called the overconsolidation ratio and 

is expressed by the formula: 

_ preconsoZidation pressure oJ 
overconsoZidation ratio - present overburden pressure= 06 

If clays are only considered normally consolidated 

and overconsolidated, it is clear that for normally 

consolidated clays the overconsolidation ratio is 

unity and for overconsolidated clays it is greater 

than unity. Depending on this ratio the clays of this 

group may be lightly or heavily overconsolidated. 

A difference between the two groups of clays is that, 

under the same additional load to the present over

burden pressure, the normally consolidated clays will 

settle more than the overconsolidated clays. 
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3. LABORATORY TESTS 

3.1 Determination of the liquid limit 

In Sweden the liquid limit is determined by the fall

cone method or the percussion method. The fall-cone 

method is the most common method. 

3.1.1 Casagrande method 

The percussion method (Casagrande method) is based on 

the specifications of the American Society of Testing 

Materials (ASTM). The one-point method proposed by the 

Waterways Experiment Station et al (1949) is normally 

used. However, this method cannot be used on soils 

with a liquid limit larger than 150 (Broms, 1981). 

The liquid limit WL in this method is calculated by 

the equation 

where 

w = water content 

n = number of blows required to close a groove made 

by a special tool for a length of 13 m 

S = inclination of the flow curve 

3.1.2 Fall-cone method 

In this method the liquid limit is defined as the 

water content at which a 60 g/60°-cone gives a pen

etration of 10 mm for a completely remoulded sample 

(Geotechnical Commission of the Swedish State Rail

way, 1914-1922). 

As defined, the test for determination of the liquid 

limit should be repeated several times at different 

water contents. The determined liquid limit is then 

the water content of soil when the penetration of the 

cone is 10 mm. However, this test procedure is time

consuming. 
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can be evaluated from the oedometer curve. The 

oedometer curve is plotted in a diagram with the 

strain in linear scale and the vertical pressure 

in log-scale (Fig. 12). 

vt,JT;CAL PRESSURE (LOG SCALE) 

~ 2.1af 

t - - .. \ 
Fig. 12. Evaluation of mj and S. 

The mj- and S-values are evaluated by drawing a 

tangent to the stress-strain curve at Oj and 

extending it to 2.7 o~ 
J 

where o~ 
J 

is a reference 

stress (oJ > oJ). 

If the stress exponent Sis equal to O (S = 0) the 

oedometer curve is a straight line overlapping the 

tangent to the curve at oJ. The relative compression 

6s 1 is evaluated from the intersections of the 

vertical lines through oJ and 2.7 oJ with the tangent 

to the oedometer curve. Thus the modulus number 

mj is calculated from the equation 
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If the oedometer curve after the preconsoli-

dation pressure oJ is not really straight but 

inflected as seen in Fig. 12 the real compression 

6s2. 7 between vertical pressures oJ and 2. ?oj is 

evaluated. This occurs in the case with S # 0 and 

the stress exponent Sis calculated from the follow

ing equation: 

6E2. 7 = 

This method of describing compressibility of soft 

clays is not correct either but the approximation 

can be used for a larger stress interval than the 

compression index. 

e) Determination of the coefficient of consolidation 

The coefficient of consolidation cv is commonly 

used to predict the rates at which settlement 

will occur. The cv-value can be determined from 

the oedometer curve by the Casagrande or the 

Taylor method. Both methods are derived from the 

Terzaghi theory: 

where 

u = excess pore water pressure 

t - time elapsed since loading 

cv = coefficient of consolidation 

and the cv-value can be calculated by the equation: 

K m2 /year
Yw mv 

Yw = unit weight of water (kN/m 2
) 

K = vertical coefficient of permeability of the 

soil (m/yr) 
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To make the test less time-consuming different one

point methods have been developed. Nowadays a one

point method proposed by the Swedish Geotechnical 

Institute (Karlsson, 1961) is normally used in Sweden. 

This method is based on investigations of different 

Swedish soils and also certain soils from abroad. 

The relation between the strength parameter m/i 2 

(where m = mass of cone, i = cone penetration) accord

ing to Hansbo (1957) hfu = K•g•m/i 2 ) and the water 

content was plotted in a semi-logarithmic graph. The 

relation was called the consistency curve and corre

sponds to Casagrande's flow curve (Fig. 3). 

The inclination at wi can be expressed by 

tg = lg6-lg0.6 =WL - Wo 
~ 

~ 
/

IC(r 

~~ 
~ 

~ 
..__ U/ - ft;;, ,/fl,IL~ V 

~ 
~ 

0/ \ 

~ (,o 
~ .i..~ 

1_-;:_;. 

Fig. 3. Consistency curve. Definition of the inclination 

at WL. 
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Within a limited region around the liquid limit the 

curve can be approximated to a straight line with 

the following equation: 

t -:1og(1.0)2wL - wi + ga • -i1., 

where 

Wi = water content at cone penetration i 

tga = inclination of the consistency curve at the 

liquid limit 

The investigations showed that the value of tga is 

dependent on wL and generally increases linearly with 

WL. 

tga -

The following formula can thus be derived 

WL = M • Wi + N 

where 

1. 8 
M - i

1.8+2 log 
10 

1,, 

34 log 10
N = i1.8+2 log 10 

where 

WL = liquid limit 

w·1,, = water content of remoulded sample at the 

cone penetration i 

M,N = correction factors 

The evaluation of wL by the one-point method is 

illustrated in Fig. 4. 
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;,@d dew· 
//at.a e. vdh, e. 
~ 

j/1,/L 

Fig. 4. Evaluation of wL by the one-point method. 

Compared with the Casagrande method the cone method 

is preferred because: 

- the test is simple and fast 

- the results are more consistent and less liable 

to experimental and personal errors 

- the results depend more directly on the shear 

strength of the soil. 

SGI has determined the shear strength at the Casagrande 

liquid limit and at the cone liquid limit for different 

soils by means of a laboratory vane apparatus. The 

results showed that the strength at the Casagrande 

liquid limit varied considerably between different 

soils (0.5-4 kPa) whereas the strength at the cone 

liquid limit was about the same for all samples 



1 3 

(Table 2). The cone method is fundamentally more 

satisfactory because the mechanics of the test depend 

more directly on the shear strength of the soil. The 

Casagrande procedure introduces a dynamic component 

which is not related to shear strength in the same 

way for all soils. The number of precussions required 

to make the halves of the sample to flow together is 

besides the shear strength also dependent on the 

density of the sample. 

Table 2. The shear strength of soil at WL and Wp (Karlsson, 
1962) . 

Liquid limit Tfu (lab. vane test 
at liquid limit

Type of soil 

cone Casagrande cone Casagrande 

Postglacial clay 62 70 1.6 0.7 

Mud 215 275 1.5 0.5 

Bentonite 170 320 1.5 0.5 

Kaoline I 56 53 1.6 2.5 

Kaoline II 43 45 2.0 1.5 

Coarse silt with 
some organic 
matter 34 30 2. 1 4.2 

SGI also has made an investigation in order to find 

out the reliability of routine determinations of the 

cone liquid limit and the Casagrande liquid limit 

(Karlsson et al, 1974). 

The investigation comprised two different soils, a 

high-plastic clay and a low-plastic, somewhat silty, 

clay. The determinations were performed by 21 labora

tories at different institutions and consulting firms. 

The results showed that the scatter was considerably 

smaller for the cone liquid limit, particularly for 

the high-plastic clay. 
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An other investigation by Sherwood and Ryley et al 

(1968) has also shown that results obtained by the 

cone method are more consistent and less liable to 

experimental and personal errors than those obtained 

by the Casagrande method. 

The comparison between liquid limit determined by the 

cone method and by the Casagrande method for Swedish 

soils was worked out by Karlsson et al (1974). The 

results showed that for clays the Casagrande and cone 

liquid limit coincide when WL = 40%. At higher values 

the Casagrande liquid limit is generally higher than 

the cone liquid limit and at lower values the opposite 

is valid. For silt the Casagrande liquid limit is 

generally considerably lower than the cone liquid 

limit and for organic soils considerably higher. 

For soft clay the liquid limit as well as the plastic 

limit is in Sweden normally determined on natural 

samples (samples which have not been dried in advance). 

Soils that are dried and sieved before determination 

are normally used internationally. According to Broms 

(1981) the drying of a sample in an owen can reduce 

the liquid and plastic limits especially if the soil 

is organic as illustrated in Fig. 5. 
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c:o...., C I •· � u.,'d WL-.l, ....,;.\-- J 
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o. +,, 
t-t-

I 
I 
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100 I0::0IO 

Co.-.e \ •<:+u.;ol !;..,.,,+-) L...)L 

( w c..!. """"..,.., f" 1--c "'.J 

Fig. 5. Comparison of the cone liquid limit for 
dried and wet samples. 

In routine tests the liquid limit is usually deter

mined on samples which previously have been used to 

determine the shear strength. If the water content 

of the soil is too low, water should be added to the 

samples. In order to reduce the water content when 

it is too high, the sample is spread or rolled out 

on a gypsum plate. It is necessary to note that the 

time for cone penetration in clay and in silty soils 

is different. In clay soil the cone stops to penetrate 

into the soil a few seconds after the cone is released 

and that is enough for reading. In silty soil the 

cone often does not stop but continues to penetrate 

into the soil. In this case the penetration is taken 

about 10 seconds after the cone is released (Karlsson 

( 1 9 7 7) , Broms ( 1 9 81 ) ) . 
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Nowadays a one-point method for determination of the 

fall-cone liquid limit is generally made. The relation 

between cone penetration i (60 g/60°) and factors M 

and Nin the formula wL = M • Wi + N is shown in 

Table 3. 

Table 3. Relation between cone penetration i (60 g/60°) and 
factors Mand Nin the formula WL = M • Wi + N. 

fmm 0 '- 3 4 5 (i 7 8 9 

7. M 1.21 1.20 1.19 l.lK 1.17 1.16 I.I 5 1.14 1.14 1.13 

N -3.5 --3.4 3.2 --3.0 - 2.9 -2.7 --2.6 -2.5 -2.3 ") , 

8. M l. I2 I. I I I. l I 1.10 1.10 l.09 l.08 1.07 1.07 I .06 
N -2.1 -1.9 1.8 1.7 --1.6 -1.4 -1.3 1.2 --1. I -1.0 

9. M l.05 1,05 1.04 1.04 1.03 1.03 1.02 1.01 1.01 1.00 
N -0.9 -0.8 -0.7 -0.6 -0.5 --0.4 -0.3 --0.3 -0.2 --0.1 

10. M 1.00 1.00 0.99 0.99 0.98 0.98 0.97 0.97 0.96 0.96 
N ±0 +0.I +0.2 +0.2 +0.3 +0.4 +0.5 +0.5 +0.6 +0.7 

11. M 0.96 0.95 0.95 0.94 0.94 0.94 0.93 0.93 0.93 0.92 
N +0.7 +0.8 +0.9 +0.9 +1 .0 +I.I +I.I + 1.2 +I .3 + 1.3 

12. M 0.92 0.92 0.91 0.91 0.91 0.90 0.90 0.90 0.89 0.89 
N +l.4 +I .4 + 1.5 + 1.5 +1.6 +1.7 +J.7 +1.8 +us + 1.9 

13, M 0.89 0.88 0.88 0.88 0.88 0.87 0.87 0.87 0.87 0.86 
N +I.9 +2.0 +2.0 +2.1 +2.1 +2.2 +2.2 +2.2 +::u + • '.... -~' 

14. M 0.86 0.86 0.86 0.85 0.85 0.85 0.85 0.84 0.84 0.84 
N +2.4 + 2.4 +2.5 +2.5 +2.5 +2.6 +2.6 +2.7 +2.7 +2.7 

3.2 Oedometer tests 

Compression characteristics of soft clays are gener

ally determined by oedometer tests. There are some 

different methods for oedometer tests: 

- oedometer test with incremental loading 

- constant rate of strain tests (CRS-tests) 

- constant gradient tests (CGT-tests) 

- continuous consolidation tests (CC-tests) 
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3.2.1 Incremental loading test 

This method was suggested by Terzaghi in 1925 and 

has been widely used since then. In this method the 

test procedure is performed by incremental loading, 

each increment equal to the previous load and new 

increment loaded every 24 hours. During the test the 

sample is drained from the ends and readings of the 

compression are taken in a time sequence enabling 

a plot of the time-settlement curve for each increment. 

The oedometer test with incremental loading with a 

duration of 24 hours is considered standard. 

However, this test procedure has its disadvantage 

because it takes a long time, at least a week for one 

sample. Therefore different variants of test procedure 

have been suggested. 

The apparatus used for incremental loading test is 

shown in Fig. 6. Fig. 7 shows the cutting device used 

for mounting clay samples. 

LOAD 

l 

Fig. 6. Apparatus used for incremental oedometer tests. 
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-OEOOMETER 

RING 

CUTTING 

r-1--...L_-'------'-'------, SOARD 

Fig. 7. Cutting device used for mounting clay samples. 

The oedometer ring is 40 mm in diameter. This size 

of oedometer ring is suitable to the 50 mm diameter 

sampling tube. The tested sample is 20 mm in height. 

In oedometer test with incremental loading three test 

procedures have been used: 

a) Standard procedure (STD test): daily load in

crements, each increment is equal to the previous 

load and a new increment is loaded every 24 hours. 

The following increments have often been used for 

the STD tests: 10, 20, 40, 80, 160 and 320 kPa. 

The time required for a STD test is at least 6 

days. 

b) Loading procedure suggested by Bjerrum (1973): 

for vertical pressures below the preconsolidation 

pressure the load increments are reduced and new 

increments are loaded at the end of primary con

solidation (100% consolidation). Above the precon

solidation pressure the test is continued with 

doubled load increments with 24 hours' duration. 
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The time required for a test will be 3 to 4 days 

because the first small increments can usually be 

completed during one working day. According to 

Sallfors (1975) this method is called the NGI-test. 

c) Tests with daily load increments; equal increments 

usually 10 or 20 kPa each with a duration of 24 

hours. This test is a LIN test (Sallfors, 1975). 

The LIN test takes 8 to 12 days depending on the 

preconsolidation pressure. 

3.2.2 Interpretation of oedometer test results with 

the incremental loading method 

a) Relative compression E. 

The results from incremental 

oedometer tests performed by 
fR~ ::.:. .. PRESSURE \ :..OG S.:A:...E; 

the STD or NGI procedure are 
rf 

presented in a diagram as a·-~ 
stress-strain curve. In this 

E \ plot the vertical effective 

pressure is in log-scaleL-\ (Fig. 8). From this diagram 

\ the relative compression E 

\ 
\ between the vertical in situ 

pressure in ground o~ and 

the calculated final pressure 

o' can be determined and 

therefore the settlement is 
Fig. 8. Typical results from calculated by the following

an oedometer test on 
clay. formula: 

oH = E • H 

where H = thickness of the soil layer. 

The stress-strain curves from LIN-tests are presented 

in linear scales. 

b) Determination of the preconsolidation pressure oJ. 

The preconsolidation pressure can be determined from 

the oedometer curve obtained in STD-tests according 

to the Casagrande method. This method has been widely 
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used. Fig. 9 shows the Casagrande method for deter

mining the preconsolidation pressure. In this method, 

the vertical pressure is in log-scale and the rela

tive compression is in linear scale. At the point 

with the smallest radius of curvature, a tangent to 

the oedometer curve and a horizontal line are drawn. 

The angle between these two lines is bisected. Then 

the straight portion of the oedometer curve is drawn 

and extended so that it intersects the bisectrix. 

The pressure at this intersection is the preconsoli

dation pressure 0J. 

VERTICAc PRESSURE iL0G SCALE) 

Due to disturbance of samples, 
' ~ 

\1 the evaluated preconsoli

dation pressure is often too 

low. Therefore the disturb

z ance should be taken into 
0 
u'i 
"'w 

"
account when determining thea; 

:,: 

C, 
0 preconsolidation pressure. 
wl \ 
I

>' The determined preconsoli-
~ " 
""
w 

dation pressure according to 

\ many authors is sensitive to 

the loading sequence and the 

Fig. 9. The Casagrande duration of each load step. 
method for evaluat-
ing the preconsoli-
dation pressure. 

In LIN-tests the preconsolidation pressure is deter

mined as the intersection of the extended straight 

portions (before and after 0J) of the curve. 

The preconsolidation pressure is often determined 

from a stress-strain curve with stress in log-scale 

and strain in linear scale. This strain-log stress 

curve is suitable for determination of the precon

solidation pressure of normal soft clays. In this 

case the oedometer curve makes a sharp break and 

makes the determination of the preconsolidation press

ure rather easy, curve G) in Fig. 10 (B). For some 

soft clays though, for example clays with a high 

swelling capacity and relatively high compression 
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modulus below the preconsolidation pressure, this 

strain-log stress curve is disadvantageous. On one 

hand due to swelling characteristics (clays more or 

less overconsolidated have swollen in the ground) 

and on the other hand due to disturbance during 

sampling, most clays brought into the laboratory 

have undergone some swelling. In this case the strain

log stress curve will give a shape in a regular 

bend for stresses below and just after the precon

solidation pressure, curve 0 in Fig. 10 (B). This 

shape of the oedometer curve makes the determination 

of the preconsolidation pressure difficult because 

it is difficult to find the smallest radius of cur

vature. In this case the oedometer curve for soft 

clays should be plotted in linear scales (both for 

stress and strain), Fig. 10 (A). 

4i 
:.. 
' 

--I " ' <t '<1... 
01:'.ill 

~ 

(A {f: \ 

Fig. 10. Oedometer curves in (A) - linear scale and 
(B) - semilog scale for soft clays. 

- normal soft clay 
- clay with a high swelling capacity 

c) Determination of compression index 

The compression indices Cc and s 2 are also evaluated 

from the oedometer curve. There is a difference in 
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the determination of Cc- and s 2 -value. 

The compression index Cc is evaluated from an 

oedometer curve plotted in a void ratio-vertical 

pressure relationship (Fig. 11). 

To avoid the determination of the void ratio, 

the compression index s2 is used. The compression 

index s 2 is evaluated from an oedometer curve 

plotted in a relative compression-vertical press

ure relationship (Fig. 11). In both cases, the 

vertical pressure is plotted in log-scale. 

VERTICAL PRESSURE ( LOG SCALE) VERTICAL PQESSURE (LOG SCALE) 

er d 2d
L~ I 

t, 

i 

\ 
UJ 

\ 

> 

Fig. 11. a - Evaluation of compression index Cc, 
b Evaluation of compression index S2, 

The straight line of the oedometer curve after 

the preconsolidation pressure is chosen for evalu

ation of the compression indices Cc and s 2 (see 

Fig. 11). 

The compression index Cc is determined by the 

following equations: 
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Le ora'+La' Cc= !:o.loga'
log 

(5 I 

The compression index s 2 is used in Sweden, where 

E2 is the relative compression of a sample at a 

doubling of the vertical pressure (Fig. 11). The 

relation between these compression indices is: 

d) Determination of the tangent modulus M 

The determination of the compression indices Cc 

and s 2 is performed with the assumption that the 

oedometer curve should be a straight line for 

stresses higher than the preconsolidation pressure. 

For some clays, for example for Swedish clays, this 

assumption is not valid and this method for deter

mining the compressibility (Cc and E2) is not suit

able since the method is only valid within a small 

stress range. Therefore another method for deter

mining the compressibility has been suggested. 

Soil compressibility is often expressed by a tangent 

modulus M (Odhe (1951), Janbu (1967), Brinch-Hanssen 

(1966) and others). The tangent modulus Mis ex

pressed by the following equation: 

where 

m· = modulus number
J 

s = stress exponent 
(5 , = effective vertical stress 
(5 ,. = reference stress (usually 100 kPa)

J 

In this case for calculation of the tangent modulus 

M, it is necessary to determine the modulus number 

mj and the stress exponent S. These two parameters 
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neglected. After the point of U90 is determined, 

the point where the primary settlement is assumed 

to finish (U 100 ) is determined on the compression 

axis by the relative compression at U100 (E 1 oo), 

see Fig. 17. 

S l O O -
0.9 

Any settlement below this t:: 100 is considered as 

secondary settlement. 

In the Casagrande method, the determination of the 

point where the primary settlement begins is based 

on the assumption that, in the early stages of con

solidation, the time is proportional to the square 

of the average degree of consolidation (tv = f(Uv) 2 ) 

and therefore in the early stages we have 

h (£1:.)2= t2 E2 

If E2 = 2E1 

then t (!:...) 2= 
2 2 

or t2 = 4t1 

The settlement between t1 and t2(t2 = 4t1) = E2-E1 = d 

(in Fig. 18), because t:: 2 = 2E 1 so E1 = d and with 

this assumption Uo(t:: 0 ) is determined. The point 

where the primary settlement is assumed to finish 

is obtained by the help of the coefficient of sec

ondary compression (see Fig. 18).a 8 
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Fig. 17. Identification of types of settlement: 
Taylor method. 

s 

Fig. 18. Identification of types of settlement: 
Casagrande method. 
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3.2.3 Oedometer tests with continuous loading 

Oedometer tests with continuous loading have been 

developed during the last fifteen years. Compared 

with the traditional incremental loading test, the 

oedometer tests with continuous loading have three 

advantages: 

they give continuous stress-strain relations 

they give continuous cv-stress relations 

- they can be run automatically. 

For this method, the following tests have been per

formed: 

- constant rate of strain tests (CRS-tests) 

- constant gradient tests (CGI-tests) 

- continuous consolidation tests (CC-tests). 

a) Constant rate of strain test (CRS-test) 

In the CRS-test the sample is compressed at a con

stant rate. The sample is drained at the upper end 

and sealed at the bottom where the pore pressure 

is measured. During the test, the compressive force, 

the deformation, the pore pressure at the bottom 

and time are automatically recorded continuously. 

Besides parameters of compressibility obtained 

from oedometer tests with incremental loading, 

CRS-tests give the following continuous relations: 

- effective stress and strain 

- modulus and effective stress 

- coefficient of consolidation and effective stress 

- permeability and strain. 

During 1971-1975 a large investigation was carried 

out on comparisons between different oedometer 

tests and between oedometer tests and field obser

vations. This investigation led to the recommendation 
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of the CRS-test as a routine test for soft clays 

and this method became a standard test at the 

Swedish Geotechnical Institute in 1975 and has 

also been used in many Swedish consulting firms. 

b) Constant gradient test (CGI-test) 

The constant gradient test is performed with con

stant pore pressure. In the CGI-test the strain 

rate should be regulated so that the pore pressure 

in bottom of the sample is kept constant. Due to 

test condition, the CGI-test is more complicated 

and slower than the CRS-test. 

c) Continuous consolidation test (CC-test) 

This test has mainly been developed at the Norwegian 

Institute of Technology. The CC-test is performed 

with a constant relation between the applied load 

and the pore pressure in the bottom of the sample. 

It requires the most complicated equipment. According 

to the Swedish point of view, if compared to the 

CRS-test, the main advantage of the CC-test is that 

it can automatically adjust the rate of strain to 

the tested sample. Norwegian experience found that 

for low plastic Norwegian clay the CC-test could 

be performed much faster than the CRS-test. 

3.3 Determination of strength characteristics 

In Sweden the undrained shear strength of soft clay 

has commonly been determined by laboratory fall-cone 

test (Fig. 19). Besides this test, the shear strength 

of soft clay can be determined by the direct shear 

test or the triaxial test. 
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Fig. 19. Laboratory fall-cone apparatus. 

The fall-cone test was developed by the Geotechnical 

Commission of the Swedish State Railway between 1914 

and 1922 and has been widely used in Sweden since 

then. It is a simple and rapid method for determining 

the undrained shear strength of both undisturbed and 

remoulded clays. 

In a test the cone is usually placed in the stand of 

the apparatus in such a way that the tip of the cone 

just touches the surface of the soil sample. The cone 

is then dropped freely into the soil and the depth 

of penetration measuren. 

Different cones have been used and nowadays the follow

ing cones are standard for different range of the 

shear strength 

400 g 30° 

100 g 30° 

60 g 60° 

1 0 g 60° 



36 

3.3.1 Determination of undrained shear strength 

by fall-cone tests 

The cones 60 g 60° and 100 g 30° are often used to

day. The 60 g 60°-cone was chosen as unit cone and 

the relative strength number for 10 mm penetration 

with this cone was set= 10. The strength number for 

a completely remoulded sample was indicated by H1 , 

and for a partly disturbed by H 2 and for an undis

turbed by H 3 • Comparisons with direct shear tests 

and landslides have resulted in the following relation 

between the undrained shear strength Tfu in kN/m 2 

and the strength value H 3 • 

-- 10H 3 (32+0.0?3H 3 ) (Skaven-Haug)Tfu 

Tfu = l0H3 (40+0. 055H3) (Hultin) 

Tfu = l0H3 (36+0. 064H3) (SGI) 

The SGI relation is a mean value of the two relations 

mentioned above (Skaven-Haug's and Hultin's). 

The evaluation of undrained shear strength is nowa

days often made according to Hansbo (1957). 

•clu.; sur✓ ace Ia 
• j • 

h7»? I)?>;;;;;;;)'.,;;,;;,,,,~--~------ J?77»> "'f>>7777?»?,-?V>> ?> h, 

' / , 

Con ctjlf"r rNh;~::.!' vii l ,l, 
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(Hansbo, 1957) 

where 

Tfu = undrained shear strength, kPa 

k = constant (primarily depending on the cone 

angle) 

g = 9.81 m/s 2 

m = mass of cone, g 

~ = cone penetration, mm 

a = free height of fall, mm 

In Hansbo's formula the value of k depends primarily 

on the cone angle. The evaluation of k has been made 

by calibration against results from field vane tests 

for undisturbed clays and from laboratory vane tests 

for remoulded clays. Fig. 20 present the k-value for 

Swedish clays taken with standardized piston sampler 

(Hansbo, 1957). 

..10 ------··- ····--- -- -
10 --L-

JO --

~ ------vv 
' -----r 

I,/ 
L 

10 
/ '---~ 

O'----·----LL 
0 '----7/ 

'"" 
0,05 o., 0,2 O.J 0,4 0,5 J. 

Fig. 20. k-value for Swedish clays taken with standardized 
piston sampler (Hansbo, 1957). 

According to Karlsson (1962), k-values for remoulded 

soils by calibration from vane tests in laboratory 

are evaluated as follows. 
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cone angle k-value 

30° 0.27 

60° 0.80 

The recommended values fork in Sweden are k = 0.25 

for cone angle 30° and k = 1.0 for cone angle 60°. 

3.3.2 Influence of incorrect height adjustment 

In a test the cone should be placed in the stand of 

the apparatus in such a way that the tip of the cone 

just touches the surface of the soil sample. The 

tests are easy and simple but it is very important 

to make the correct height adjustment, because it is 

a main source of error of the fall-cone method. 

Any incorrect height adjustment can be corrected in 

the tests. There are three cases of height adjust

ment. 

a) Correct height adjustment (standard test) 

The undrained shear strength 

in standard test is calcu

lated according to the 

formula: 
/\ 

\ 

\ / 
/ 

\ ,
\ / m 

Tfu = k•g . i 2 

where i = correct cone pen

etration. 

b) Initial penetration 

\ / 
✓ 

i 0 = initial penetration
\ ✓ 

\ 'v ✓ _ i 2 = determined cone pen

etration 

&2 = i + t:,i 
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c) Initial height of fall 

V 
m a

Tfu = k•g 72 (1 + -.-)
~l ~l 

where 

a = initial height of fall 

a+i 1 = determined cone pen-
I ' \ 

, 

\ 

\ etration 
\ , 

\ 
\ I 

I a+i1 = i+6i 
V 

As seen above, the most important part of the fall

cone method is the height adjustment (height of fall 

of the cone). According to Broms (1982) a deviation 

of only 0.3 mm can lead to an error of about 2 to 3% 

with respect to the shear strength of the soil when 

the water content is 100% and the penetration is 7 mm. 

In order to obtain the Tfu-value quickly, a table 

has been prepared (Table 4). The prepared table is 

applicable for different cones with different pen

etration (different range of shear strength). By 

choosing a suitable cone, the fall-cone test can be 

used to determine the undrained shear strength in a 

range of 0.060 to 95 kPa. 
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Table 4. 

t-----------------...-------------------------~t ·i
Kon S jll:lk

I I' ,. I It0 1 2 3 I 4 5 0 7 8 9typ ::iing Ii:I iim.o 
I ! f. 

',.
100 g 2, 95,6 92,0 38,6 85,4 qe2'; i~79' 8 111' 2 :74' 8 ,72' 4 ro '2 

3, 68,0 65,8 63, 6 61,4 p 9, .:.. :? 7, O 6 4, 8 ;5 2, 8 61 , 0 ~4 90~ ', !30° 4, 47,8 46,2 44,6 ~3,2 1 , 9 l · 0, 6 E9, 4 j3S, 4 :37, 4 

p 

rJ T 

,. 5' 35,5 34,6 33,8 ;33,0 2,2 1 1,4 130,7 !30,0 ,29,3 8,6 
6, 27,9 27,3 26,7 26' 1 ~ 5,5 i[' f;.,9 124,3 ~3,7 '23,1 2,5I 

7, 21,9 21,3 20,7 20,2 1~,7 !19,2 !18,7 ,18,3 ;,7,9 111,5 
8, 17,1 J 6, 7 16 ,3 ~5,9 1?;5 115,2 j14,9 !14,6 :14,3 114,0

f I 9, 13,7 13,4 13,1 h2,8 12, 5 l12, 2 ,11 , 9 111 , 6 11 , 3 ·11 , o 
I I 

10, 10,8 10,6 10,4 ~0,2 10,0 I 9,80 9,60 I 9,40 ! 9,20 9,00 
11 , 8,80 8,62 8,48 ! 8, 35 s,22i 8,09 7,96 j 7,83: 1,10 7,57 
12, 7,44 7,31 7, 18 1 7, 06 6,94 ! 6,8216,?0 I 6,60 · 6,50 6,40V 

I 

13, 6,30 6,20 6, 10 : 6,oo 5,901 5,80 5,7o I 5,6o: 5,50 j 5,,to 
114, 5,30 5,20 5, 10 : 5,05 5, 00 I 4, 95 ' 4, 90 i 4, 85 4, 80 ! 4, 75 

I I I I I
15, 4,70 4,65 4,60 ; 4, 55 4,50; 4,45 4,40; 4,35 i 4,so I 4,25 
16, 4,20 4, 15 4, 10 1 4,05 4,00 J 3,95 3, 90 . 3,85: 4,80 ·, 3, 75 , 
17, 3, 70 3,65 3,60 : 3, 55 3,50i 3,45 3,40 3,35 · 3,30 3,25 
18, 3,20 3,15 3, 10 i 3,05 3,00 I 2,96 2,92 2,ss i 2,25 2,s2 
19, 2 ,so I 2,78 2,76 , 2, 74 I2, 72 j 2, 70 2, 68 1 2, 66 \ 2, 64 2, 62 

4, 8 1 90 I 8,40 7,95 7,65 7,35 ; 7,10 6,85 i 6,60 6,3716,1660 g 
- a~ 1 I : 

60° 5' '.)' .;'.) 5,76 5,58 · 5,42 5,26 i 5, 12 4,98 I 4,86 i 4, 74 ! 4,63 
6, 4,52 4,41 4,30. 4,19 4,08: 3,97 3,86 i 3,75; 3,64 j 3,54 
7, 3,44 3,34 3,24 3,15 3,06 ! 2,98 2,90: 2,82: 2,74 I 2,68 
8, 2,60 2,54 2,48 2,44 2,38; 2,33 2,27 i 2,22 ! 2,18 2,14 

. I ,
9, 2, 10 2,06 2,02 1,98 1,94 1,90 1,8611,82: 1,78 1,74 

10, 1, 70 1,67 1,64 1,61 1,58 11,55 1,52 j 1,49 1,t;.6 1,43 
11 , 1,40 1, 37 1,35 1,33 � 1,31 11,29 1,27 j 1,25 1,23 i 1,21 

V 
A 12, 1 , 19 1, 17 1,15 1,13 1,11 ! 1,09 1 1 07 I 1,05, ~,03 1,01 

13, 1,00 0,985 0,910 o,9551 o,94c/ 0,925 o,91oi o,s951 o,8so o,acs 
14, 0,85( 0,835 o,s20 o,so5'j o,79oi o,7751 o,7601 o,74S·; o, 730 0,11, 

1 

15, 0,10c, o,690 o,680 0,6~0 o,6~°; o,s~oi o,~4oi o,6~~: o,~20 o,~~o ! 
16, ·0,6001 0,590 o,5ao 0,5,0 0,500 o,5'.)91o,?40I 0,5~~ o,,~o o,~;~ 1117, o,5oo/ o,495 0,490 0,48510,4801 o,47?J 0,470, 0,4o'.)j 0,4o0i 0, 1r'.)) \ 

18, 0,450 0,445 0,440 0,435'0,430; 0,42510,420: 0,41510,410; 0,405 tj 
19, 0,400 0,397 0,394 0,391 o,3as; o,3a5 I1 o, 3a2: 0,319: o,376; o,373 l 

. I I i I 

I I I I· i 
10 g 5, 1,10 1,06 1,02 o,9a3. 0,94si o,91510,as4 o,s55I 

I 
o,s30:. o,so5 ~· 

~ 

6, 0,78,0 0,755 0,730 0,710 1o,690· o,670 o,650 0,63010,6131 0;598 r
60° 7, o,5s3 o,568 0,553. o,53s!o,523 0,50910,:95 o,4821 o,:7Sj o,::~9 t 

a, 0,449 0,439 0,429 0,420 10,411 ! 0,402 0,.:>93 0,384, 0,.:>701 0,.:>08, 
9, 0,360 0,352 0,345 o,338 \0,331 0,324 o,317jo,310: 0,303: 0,296 t: 

10, 0,290 o,2s5 o,2ao 0,275 !0,210 0,2~~ ,0,2~0;0,2?~; o,2?ol o,~:~ / 1
11 , 0,242 0,238 0,234 0,230,0,226 0,2~~ o,218,0,2,4, 0,2,oi o,~uo,: 
12, 0,203 0,200 0,197 o,194!0,191 0,1ss o,1s,10,1a2 0,179·0,-.-:s I·1 113, 0,173 0,110 0,167 0,164:0,161 0,15s o,~55;0,:52: ::>,~4.9:0,~-~s 
14, 0,143 0,140 0,137 o,134Jo,132 o,130 0,12s;o,-:26;c,124'0,,2:::. 1· 

1115, 0,120 0,118 0,116 0,114!0,112 o,110 10,1oa:o,107io,105 o,,o~ · 
16, 0,102 o,10~ 0,099 0,09a jo,096!0,095 0,0~3!0,092;0,Q~~ ~'::~.: 

117, 0,087 0,.08, 0,084 0,083 0,081 10,080 0 1 018 ;0,077,0,0,o, V~'J ':' 

18, o,oz4 o,o!~ 10,0?2 0,071 o,ozo ½0,0~9 ;o,c~~ 10,0~7 1 ~,~~7:~<-:
19, 0,006 o,0oo jO,0o5 o,064 0,0o4 l:O,Oo3 :0,0o.) IO,Co2 v,v-?.::'.' ~~-~~-~. 

1 
~ _,,_,.½¾'~;:;;..~ 
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3.3.3 Shear strength in direct shear tests 

In Sweden the direct shear tests are often used to 

determine the shear strength by a modified SGI oedo

meter (Fig. 21). In this apparatus the sample in the 

tests is first consolidated and then sheared to 

failure. The drained or undrained shear strength can 

be determined in direct shear tests. The test sample 

has a diameter of 50 mm and a height of 10 mm and 

20 mm in drained and undrained tests respectively. 

During the tests horizontal stress, horizontal defor

mation and vertical deformation are measured. 

T 
) 

l 
~ 

·r 
• I 

Fig. 21. The SGI shear apparatus. 

From the test results the shear stress versus angular 

distortion is plotted for every vertical stress as 

seen in Fig. 22. 
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Fig. 22. Shear stress, angular distortion and vertical 
deformation in consolidated drained direct shear 
tests (a) and in consolidated undrained direct 
shear tests (b). 

The shear stress at failure is evaluated as a peak 

shear stress. In the case no peak the shear stress 

at failure is evaluated according to Swedish practice 

as the shear stress at an angular distortion of 0.15 

radians. 

The shear strength obtained from direct shear tests 

is plotted as in Fig. 23. 

Tf 
kPa 

30 DRAINED TESTS Y=0.15r 

~-/ 
/ 

/ UNDRAINED TESTS 
20 / FAILURE 

o/ " 
/ 

/ 

-- ....---/ 

10 

Oc 
I 

10 20 30 1.0 50 60 70 80 90 100 kPa 
o resp a· 

Fig. 23. Shear stress at failure versus vertical stress in 
direct shear tests. 
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mv = coefficient of volume compressibility (volume 

change, volume decrease) (m 2 /kN) 

The determination of the coefficient of consoli

dation from the oedometer curve is based on the 

two following quantities: 

Time factor Tv is calculated by the formula: 

. . cv t
Tv = Terzagh~ t~me factor= -;rr 

where dis the drainage path length. In the labora

tory d = sample thickness with "one-way" drainage 

and d = half of sample thickness with "two-way" 

drainage. In the calculation, Tv-value is dimension

less. 

Average degree of consolidation Uv: 

The average degree of consolidation is the ratio 

of the settlement at a definite time, t, to the 

ultimate settlement and is expressed by the equation: 

settlement at t 
= ultimate settlement 

The Uv-Tv relationship is founded as follows: 

Uv (%) 10 20 30 40 50 60 70 80 90 

TV 0.008 0.031 0.071 0.126 0.197 0.287 0.403 0.567 0.848 

The coefficient of consolidation cv can be evaluated 

by one of the two following methods: 
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Casagrande method 

TIME ( LOG SCALE) 

10~, 
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v, 
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u 
UJ 

:!: ... 
<t 
..J 
UJ 
0:: 

Fig. 13. Casagrande construction of cv. 

In the Casagrande method, the coefficient of con

solidation cv is determined from the time-strain 

curve with strain in a linear scale and time in 

log scale (Fig. 13). In Fig. 13 is seen how U 0 and 
- -U100 are constructed. U100 = 100% is constructed 

as the intersection between the tangent to the curve 

at its point of inflexion and the extension of the 

straight end part of the curve. From U0 and U100 , 

c 50 at U 5 o = 50% is calculated and t 50 is construc

ted. Finally the coefficient of consolidation cv 
is calculated by the following formula: 

d2 
= Tso t 5 0 

where 

d = length of drainage path 

Tso = Terzaghi time factor 

For oedometers with samples drained at both ends 

and d = Ho(1-E 50 )/2 where Ho is initial sample 

height, the time factor T 50 = 0.197. Thus the 

coefficient of consolidation cv is calculated as: 
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d2 
= 0.19? 

tso 

Taylor method 

TIME (SQUARE ROOT SCALE l 
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Fig. 14. Taylor construction of ev, 

As in the Casagrande method, the coefficient of 

of consolidation ev in the Taylor method is also 

determined from a time-strain curve with strain in 

linear scale but with time in square root scale 

(Fig. 14). As seen in Fig. 14 Vo (s 0 ) is determined 

as the beginning point of the curve. At V 0 (s 0 ) a 

tangent to the curve is drawn. A free horizontal 

line z is drawn that intersects the tangent of the 

curve at a certain point. The distance 0.15 z is 

calculated and the line A is constructed and V90 

(s 90 ) is taken from the intersection between the 

line A and the curve. Now the parameter U50 (s 50 ), 

V100 (s 100 ) and t 90 can be constructed and calculated. 

The coefficient of consolidation ev is determined 

by the following formula: 
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For oedometer with samples drained from both ends 

d = Ho(1-s 50 )/2 where Ho is the initial sample height, 

and the time factor t 90 = 0.848. In this case the 

coefficient of consolidation is calculated as: 

d2 
- 0.848 

t90 

The coefficient of consolidation cv is determined for 

every load step. According to Bjerrum, for small 

load increments up to oJ the cv-value can be deter

mined by the Taylor method and for a load exceeding 

oJ both the Casagrande and the Taylor method can be 

used. The cv-values calculated by the above methods 

should then be plotted against the effective vertical 

stress, see Fig. 15. 
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Fig. 15. The coefficient of consolidation observed in a 
consolidation test plotted against the vertical 
load (after Janbu, 1969). 

As seen in Fig. 15, the range of the c~~variation is 

considerable. Therefore, the cv-value to be applied 

on a practical problem has to be chosen in the appro

priate stress range (Bjerrum, 1973). 
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It has been found that the value of the coefficient 

of consolidation is affected by temperature 

(Bjerrum (1973), Larsson (1981), and others). There

fore, in order to determine an accurate av-value 

the test should be performed at constant temperature 

in a temperature-controlled room, if possible at 

the same temperature as that of the in situ soil. 

As seen above, both methods are based on types of 

settlement. There are three types of settlement 

that are usually termed (Fig. 16): 

- immediate settlement (compression) 

- primary settlement (compression) 

- secondary settlement (compression) . 

. TIME (LOG SCALE) 

~VIOUSLOAO!INITIAL COMPRESSION 

z ! 
0 

Ul PRIMARY COMPRESSION 
Ul 
JJ 
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<( 
....I 
w 

"' 

Fig. 16. The three parts of the time-settlement curve. 

As time-settlement curves are plotted in different 

scales, the identification of these three charac

teristic settlements in both methods is different. 

In the Taylor method, the point where the primary 

compression is thought to begin is obatained by 

extending the tangent to the curve back to the 

compression axis (Uo, s 0 ) assuming that the immedi

ate settlement occurs fairly rapidly and is usually 
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Research and experiments have shown that for soft 

clays, the relation between shear strength and 

vertical stress changes at the preconsolidation 

pressure in both undrained and drained tests. It 

has also been found that there is a second breaking 

point at half of the preconsolidation pressure in 

the relation between drained shear strength and ver

tical stress (Tfa-0' curve) as seen in Fig. 23. 

a) Generalized model for shear strength of soft clay 

in direct shear tests 

The shear strength from direct shear tests can 

generally be expressed by the equation: 

T = a'tan~' 

where 

0' = vertical effective stress 

~, = effective angle of friction 

According to Larsson (1977), the effective angle 

of friction can be evaluated by the formula: 

~, = ~ - ap 

where 

~,=effective angle of friction 

~p = angle of interparticle friction 

a = angle between direction of particle displace

ment and horizontal plane (a= arc tan dsv/dsH) 

The effective angle of friction~, depends on ~p 

and a and also on stress level. 

Generalized drained shear strength 

According to Larsson (1977), a failure line in the 

relation between drained shear strength in direct 
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shear and effective vertical pressure has the 

shape as seen in Fig. 25 for three types of clay: 

- normally compressible soft clay has wn ~ wL ~ 70% 

and st ~ 15 and a clay content of about 60% 

- clay with low compressibility, sensitivity and 

rapidity (low rapidity means that the structure 

of the clay is insensitive to deformations and 

vibrations and a lot of work is required to break 

it down, Soderblom et al, 1974) 

- highly sensitive clay with high rapidity often 

has a Wn > wL. 

LOW COMPRESSIBLE 

_,---6s
/ 

0 

/
/ 

,,.,,,,.,, NORMALLY COMPRESSIBLE 
/

/ 

/ --- - ,.....-- - --:::J 10• 

.&,,,-,:, - ----- HIGHLY SENSITIVE 

0,5oc o· 

Fig. 24. Generalized drained shear strength in direct 
shear (after Larsson, 1977). 

As seen in this figure the shear strength directly 

depends on the compressibility of the clay and the 

stress level. For three types of clay there are two 

breaking points on a failure line, one at 0.5 oJ 

and another at o; (o; is the preconsolidation 

pressure). Research and practice have found that 

all failure lines for vertical stress below 0.5 o~ 

are drawn as straight lines through origo with an 

angle of about 30° without great errors. 
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For the effective stresses higher than the pre

consolidation pressure, the drained shear strength 

can be calculated by the formula: 

where 

Tfd = drained shear strength, kPa 

o' = effective stress, kPa 

~ = effective angle of friction, degree 

Generalized undrained shear strength 

The undrained shear strength that can be mobilized 

in soft clay is shown in Fig. 25. In undrained shear 

the change in pore pressure during the test affects 

the effective stresses. According to Larsson (1977), 

the pore pressure will decrease in the sample con

solidated under vertical stress lower than about 

0.45 oJ and the pore pressure will increase in the 

sample consolidated under higher vertical stress. 

t 
kPa 

50 

40 

30 

0
Tiu VANE &CONE 20 

'{\t:-ll)....0,26 ~ J.. 

10 

----r-----o~-~~~-
o 10 20 30 40 50 60 70 80 90 (T kPa 

Fig. 25. Undrained strength in direct shear tests 
(after Larsson, 1977). 
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b) Shearing rate 

The direct shear tests are usually performed with 

the shearing as a horizontal movement of the upper 

part of the sample. In Sweden the following shearing 

rate is normally used for undrained and drained tests 

with stepwise loading in direct shear tests, Table 5. 

Table 5. The shearing rate in direct shear tests for every 
normal stress, 0'. 

Test Horizontal Shearing rate 
deformation 
of sample 

Undrained tests 0-0,5 mm 6T = 0 1 /20 each 30' 

>0,5 mm 6T = 0 1 /40 each 15' 

Drained tests 0-0,25 mm 6T = 0 1 /20 each 30' 

>0,25 mm 6T = 0 1 /40 each 15' 

c) Normal stresses 

It is known that the direct shear strength for soft 

clay directly depends on the compressibility of 

the clay and the stress level. The preconsolidation 

pressure 0J of the tested soil is required in the 

tests and in the interpretation of the test results. 

That the relation between shear strength and 

normal stress changes at a stress of 0.5 o~ and 

uJ is generally accepted for soft clay. Before 

shear tests the oJ-value for the tested soil 

should be known. The oJ-value is necessary to 

decide suitable consolidation stresses in the 

tests (also the stresses at which the samples are 

sheared). 

To enable the plotting of the failure line as a 

relation between shear strength and normal stress 

samples of the tested clay should be sheared to 
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failure under at least four normal stresses: 

0.3 0J, 0.6 0J, 0.85 0~ and 1.5 0J (where 0J is 

the preconsolidation pressure). The failure line 

that can be plotted from drained direct shear 

tests is shown in Fig. 26. 

0 (kPaJ 

G 
' VlO 

C) 
l,:, 

A / 

0 

Fig. 26. The failure line drawn from drained direct shear 
tests. 

In Fig. 26 the empirical finding that the failure 

line for normal stresses between 0 and 0.5 0J is 

fairly straight and passes through the origin is 

used together with the knowledge that the failure 

line for normal stresses above 0~ is straight and 

its extension passes through the origin. 
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4. PRACTICAL SIGNIFICANCE OF THE PRECONSOLIDATION 

PRESSURE 

The preconsolidation pressure has great significance 

in the practice of geotechnical problems. The most 

important practical application of the preconsolidation 

pressure is in connection with settlement analyses 

and geological investigation. The role of ad in the 

geological investigation has been presented above 

(part: classification and identification of soft clays). 

The preconsolidation pressure 0J plays its important 

role in settlement analyses. The following example 

presented by Casagrande (1936) will illustrate the 

role of 0J in settlement analysis (Fig. 27). 

A clay layer has been com
0 
I- pressed at one time in the 
<t 

history by an overburden°' 
C . ll,
0 pressure of 3 kg/cm 2 which 
:> 

later was reduced by for 

instance erosion to the 

' present overburden pressure 
0.1 

PRESSURE 
1.0 

IN 
2 3 
KG./S<LCM. 

10 of 1 kg/cm 2 
• If a building 

with a load of 1 kg/cm 2 now 

Fig. 27. Settlement with pre is set up on this clay, the 
consolidation pressure. compression under the build-

ing load (6 1 ) will take place along the re-compression 

curve from point B to C. If the preconsolidation press

ure (in this example 0J = 3 kg/cm 2) is not taken into 

account and the settlement is calculated based on the 

present overburden pressure (0J = 1 kg/cm 2) the com

pression from the building load would then follow the 

virgin compression curve from D to E equal to 6 2 • As 

seen in Fig. 27 62 > 6 1 and according to the author 6 2 

may be five to ten times greater than 61. 

From the above example it is clear that in connection 

with settlement analysis it is necessary to carefully 

study the preconsolidation pressure. 
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5. SETTLEMENT CALCULATION 

The classical method for calculation of settlement 

on soft clay is based on the assumption that the clay 

is normally consolidated (oJ = 0 6). Therefore the 

settlement is calculated by the classical equation: 

z C , , 
0 = L C 7 00+60 6z

1+e vog a' 
00 

where 

6z = thickness of the individual clay layer 

Go = effective overburden pressure 

60 = vertical load increment 

Cc = compression index 

eo = initial void ratio of clay. 

According to Bjerrum (1972, 1973) the settlement of 

soft clay calculated by the classical equation is too 

large, because the clay in fact is lightly or heavily 

overconsolidated. 

In this method, the compression index Ca is calculated 

from e-log 0 1 curve (see Fig. 11a): 

6e 6e 
= 0'+60' 6 log a'log 0 , 

In order to avoid the determination of the void ratio, 

the compression index s 2 is used in Sweden. The com

pression index s 2 is the relative compression of the 

sample and it is evaluated from compression-log press

ure curve (see Fig. 11b). 

The relation of these compression indices is: 

The settlement based on the compression index s 2 is 

therefore calculated by the formula: 
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The above calculation of settlement is based on the 

assumption that the oedometer curve is linear in a 

s-logo' curve as well as in a e-logo' curve for stresses 

higher than the preconsolidation pressure. However, 

for some clays this assumption is not valid (Larsson, 

1977, 1981). In this case the settlement calculated 

by the above formula is not correct, as the method 

for evaluating the compression indices (Ca and s 2 ) is 

not suitable. 

In the cases, when the oedometer curve is not linear 

for stresses higher than the preconsolidation pressure, 

the tangent modulus Mis often used for expression of 

the soil compressibility (Larsson, 1981, Janbu et al, 

1967). The method for evaluating the tangent modulus 

Mis described in this report, see part 4. 

The settlement with the tangent modulus theory is 

calculated by the formula: 

z b.o' o = L D.Z 
0 

in which the tangent modulus Mis calculated by the 

formula: 

'(o';l-SM =ma.-, 
J oj 

where 

m = modulus number 

f3 = pressure exponent 
0 , = effective vertical pressure 

0 ~ = reference pressure, usually 100 kPa (Andreasson
J 

et al, 1973) 
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In the case S = 0 the settlement is then calculated 

by the following formula: 

z 1 00'+60'
8 = E ln ---- 6z 

o m a6 

0.69and the modulus number m = 
E2 

The above formulas in the calculation of settlements 

are applicable to normally consolidated soft clay 

with = o~ (where 0 6 is the effective overburden0 6 
pressure and oJ is the preconsolidation pressure). In 

the calculation of settlement for overconsolidated 

clay (oJ > 0 6) the a~ is used instead of 0 6 in the 

formulas. 
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6. DESIGN PARAMETERS OF SOFT CLAYS 

The shear strength of a soil is a basic parameter 

used in stability calculation for many structures, 

such as: 

- embankments on soft clay, 

- slopes, 

- foundation, etc. 

For this reason, many methods and apparatus have been 

developed for determining the strength properties. 

The choice of suitable methods and apparatus in both 

laboratory and field tests is very important. It has 

been found though, that a more important problem is 

that of how to use the geotechnical properties in 

design. This problem is generally concerned with soft 

clays and has become an interest for many researchers. 

Generally the soft clays are very sensitive to struc

tural disturbance. The disturbances of samples occur 

in the process of boring, sampling, transportation, 

storage and testing. The samples brought into the 

laboratory are therefore seldom undisturbed. The results 

of laboratory soil tests are affected by sample dis

turbance. For laboratory technicians who test soil 

samples and for engineers who analyze geotechnical 

problems, it is important to know how design parameters 

obtained from laboratory tests are influenced by sample 

disturbance and which parameters are sensitive to 

sample disturbance. Many researchers have found that 

for soils, especially for soft cohesive soils, the 

deformation and strength properties are sensitive to 

sample disturbance. 

In order to limit the sample disturbance (that means 

to increase the sample quality), many different methods 

and samplers for sampling in soft cohesive soils have 

been developed. A description of different methods for 
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taking samples in soft cohesive soils was presented 

in International Manual for Sampling of Soft Cohesive 

Soils recommended by the Sub-committee on Soil Sampling, 

International Society for Soil Mechanics and Foundation 

Engineering, Tokyo, 1981. On the other hand, a great 

number of research and tests on the quality in soil 

sampling and the determination of effects of sample 

disturbance on geotechnical properties have been carried 

out. All of this work has been carried out to obtain 

real geotechnical properties of soft cohesive soils. 

For this purpose, numerous observations from failures 

of slopes and embankments and comparison of the test 

results in stability calculation of embankments and 

foundations have been performed. From this work different 

methods for correlation of geotechnical properties 

have been introduced. 

Some methods for correction of undrained shear strength 

of soft clays are presented below. The effects of 

sample disturbance on geotechnical properties of soft 

clays are presented in report No 3. 

6. 1 Correction of undrained shear strength of 

soft clays 

The undrained shear strength of soft clays is usually 

determined in field vane tests or in laboratory tests. 

The corrections of undrained shear strength of soft 

clays (normally consolidated or slightly overconsoli

dated) according to field vane tests and fall-cone 

tests is summarized below. 

Many observations from failures of slopes, embankments 

and foundations on soft clay have shown that the un

drained shear strength measured by field tests or 

laboratory tests on soft clays are often too high 

(sometimes too low). The theoretical calculations of 

factors of safety have also showed this. In stability 

calculation the undrained shear strength of soft clays 
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measured by field vane tests and laboratory fall-cone 

or vane tests therefore should be corrected in order 

to correspond to the real shear strength of these 

clays. The correction (or reduction) of undrained 

shear strength is made as follows. 

If the undrained shear strength measured by field 

vane test and fall-cone test is expressed in Tv and 

Tk respectively, the undrained shear strength to be 

used in stability calculations Tfu should be reduced 

by the reduction factorµ: 

The reduction factorµ is less than unity (1) and de

pending on soil type, state of soil etc. 

There exists different methods for correcting the 

undrained shear strength of soft clays. The methods 

for correcting the undrained shear strength have 

developed in two directions. In the first direction, 

one attempts to correct the undrained shear strength 

by modelling field behaviour via consolidated-un

drained tests performed with different stress histories 

and modes of failures. The second direction develops 

empirical correlation among soil type, the in situ 

test methods and the type of stability calculation. 

The methods based on model require complicated 

equipments. Therefore methods based on empirical 

correlation seem to be preferred by many engineers. 

Empirical methods for correction of undrained shear 

strength are based on some physico-mechanical proper

ties of clays. Almost every method uses soil proper

ties such as liquid limit, plasticity index, ratio of 

vane shear strength to the effective overburden press

ure, overconsolidation ratio as parameters in empirical 

relation. Representative for these methods are 
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Bjerrum, Hansbo, SGI and others. Other authors such 

as Pilot, Aas use the relationship between the theor

etical factor of saftety and the empirical factor of 

safety at failure. In this method, physico mechanical 

properties are used as a basis for the correction 

and should then be calculated as a mean value for the 

critical slip surface. It should be noted that the 

plasticity index Ip internationally has been commonly 

used as a parameter in empirical relations, but in 

Swedish practice the liquid limit wi is often used. 

Corrections of undrained shear strength are often 

made for organic and high plastic clays but according 

to some authors corrections should be made also for 

inorganic clays. 

6.1.1 Methods for reducing undrained shear strength 

of soft clays measured by vane tests and 

fall-cone tests 

In 1946 the Swedish Geotechnical Institute (SGI) rec

ommended that the reduction factorµ for undrained 

shear strength from fall-cone test should be based 

on the organic content of the clay: 

µ = 0.80 for organic clay 

µ = 0.60 for gyttja (ooze) 

SGI (1969) found that the reduction should be made not 

only for fall-cone tests but also for vane tests and 

the same reduction factorµ should be used for both 

Tk and Tv based on the liquid limit Wp. Table 6 shows 

the µ-value for undrained shear strength measured in 

fall-cone tests or field vane tests recommended by 

SGI (Broms, 1972). 
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Table 6. Reduction factor for Tk or Tv recommended by 
SGI (Broms, 1972). 

Cone liquid Reduction factor 
limit WL ( % ) jJ 

80-100 0.90 

100-120 0.80 

120-150 0.70 

150-180 0.60 

In 1972, 1973 Bjerrum, through his comprehensive study 

of reported failures in different parts of the world, 

found that the undrained shear strength measured by 

vane test in soft clay should be reduced. The Bjerrum's 

reduction factor is based on the plasticity index Ip. 

According to Helenelund (1977) this reduction factor 

can be expressed approximately by the formula 

1. 2 
]l = 

If this reduction factor is depending on the liquid 

limit wL, according to Helenelund (1977) the relation

ship betweenµ and wL is as showed in Fig. 28. In this 

figure the reduction factor according to SGI (table 6) 

is also showed in order to compare these two reduction 

factors. 

LIQUID LIMIT wl OR wF % 

50 100 150:i 1.0 

0::: 
0 0.9
I- ACCORDING TO SGI u 
tt 0.8 

z 0.70 ACCORDING TO 
I- BJERRUMS CASE RECORDS 
u 0.6 
::) 
0 
w 0.5 
0::: 

Fig. 28. Reduction factor as a function of the liquid limit. 
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As seen in Fig. 28, according to SGI, the reduction 

of undrained shear strength is made for clays with 

a liquid limit wL ~ 80%, whereas according to Bjerrum 

it is made even for clays with a liquid limit wL < 50%. 

On the other hand, there are differences between these 

reduction factors. For clays with a liquid limit less 

than about 120% the differences between reduction 

factors recommended by SGI and Bjerrum are important. 

For higher plastic clays (WL > 120%) the SGI's and 

Bjerrum's reduction factors are of small difference. 

Based on analyses of embankment failures Pilot (et al, 

1972) found that the theoretical factor of safety at 

failure increases with both increasing liquid limit 

and increasing plasticity index. According to the author 

the factor of safety at failure can be expressed by 

the empirical equations 

Fsf - 0.6 WL + 0.? 

F8 f = 0.? Ip+ 0.9 

where 

WL = liquid limit (%/100) 

Ip= plasticity index (%/100) 

In this case, the reduction factor can be calculated 

asµ= 1/Fsf· This reduction factor is applicable for 

undrained shear strength measured by vane tests. 

1 1 
µ = = 0.6 W£+0.?Fsf 

1 1 
µ = = 

Fsf 

From the above equations it is clear thatµ= 1 when 

the equations 
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0.6 WL + 0.? = 1 � WL = 50% 

and 0.? Ip+ 0.9 = 1 +Ip= 14.3% 

If the reduction factors are considered equal for 

undrained shear strength measured in fall-cone tests 

and vane tests and the reduction factorsµ are com

pared, according to different authors the difference 

in these µ-values can be found. On the other hand we 

can find the limits of the consistency of clay where 

the undrained shear strength has to be reduced or not 

(Table 7). Table 7 shows a lower limit of consistency 

of clay where the reduction factorµ should be made 

according to SGI, Bjerrum, Pilot. 

Table 7. The reduction factorµ should be made for a lower 
limit of consistency (wi, Ip). 

Reduction when 
Author 

WL ( % ) Ip ( % ) 

SGI (1972) >80 --
Bjerrum (1972, 1973) >50 >20-
Pilot (1972) >50 >14 

The ratio of undrained shear strength from vane tests 

to effective overburden pressure (Tv/06) is also used 

for the calculation of the reduction factorµ. 

In 1976 Aas (et al) found that a linear relationship 

between the factor of safety at failure and the 

Tv/oJ-ratio can be expressed by the formula: 

F8 f - 2.? Tr/oJ + 0.38 

In this case, the reduction factorµ will be 
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1 
JJ = 1/Fsf = 2.? Tv/o/y + o. 38 

where 

Tv = mean (uncorrected) vane shear strength 

a~= mean effective overburden pressure 

Helenelund (1977) found by his comparison between 

different methods for reducing the undrained shear 

strength of soft clay that: 

- The ratio Tv/oJ seems preferably to be used as a 

basis for reduction, for example according to the 

formula 

2.6 
JJ = 1 + ? Tv/o!J 

- The use of a reduction factor is depending on the 

ratio Tv/o~ and the relationship between this ratio 

and the liquid limit wL (Fig. 29). 

LIQUID LIMIT wL % (OR wF ) 

0 50 100 150 
1.0 _.,_____--1,,-----..J.-------'------, 

:i 0.8 

a:: 
0 
f- 1:; 
u 0.5 1) µ= '•wl ~ 
z 

2) µ = 2.5 , USE SMALLER µ-VALUE
~ 0,1. 1•71:v/0o 
u 
::, 
D 
lJ.J 
a:: 0.2 

0.1 0.2 0.3 0.1. 0.5 

RATIO tv/oo 

Fig. 29. Relation between the wi-scale and the Tv/oj-scale 
in the reduction factor ]J (according to Helenelund, 
1977). 
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According to the author, the reduction factor can 

be found using the wi-scale in Fig. 29 when 

Tv/aJ < 0.10 + 0.25 WL 

If the Tv/00-ratio is greater, the µ-value should be 

determined using the Tv/00-scale. 

Instead of the liquid limit used in Table 6, the re

duction factorµ is taken from Table 8 according to 

the formula 

0.30 
µ = 

Tvlao 

Table 8. Reduction factors as a function of the Tv/06-ratio. 

Ratio Tv/ac5 Reduction factor µ 

0.30 - 0.35 0.90 

0.35 - 0.40 0.80 

0.40 - 0.475 0.70 

0.475 - 0.55 0.60 

0.55 - 0.65 0.50 

0.65 - 0.85 0.40 

> 0.85 0.30 

Many relationships between the Tv/aJ-ratio and the 

liquid limit wi or the plasticity index Ip have been 

proposed by authors, such as: 

Skempton (1954) Tv/ aJ = 0. 11 + 0.37 Ip 

Hansbo (1957) Ty,/CTJ = 0.45 WL 
Helenelund (1977) Tv/aJ = 0. 10 + 0.25 WL 

Fig. 30 shows the undrained shear strength determined 

by field vane test over preconsolidation pressure 

versus liquid limit according to different authors. 
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The same data in Fig. 30 plotted against the plas

ticity index are shown in Fig. 31. 

x DATA FROM BJERRUM(1954) 

• DATA FROM HANSBO( 1957) 

1.0 o DATA FROM KARLSSON 8 V!BERG (1967) 

o BANGKOK CLAY ( BJ ERRUM 1973) 

• KALIX SVARTMOCKA ( HOLTZ 8, HOLM 1973) 

a VALEN ORG. CLAY 9 

0.8 

• 
0.6 

"' 
• 
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0
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• 
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Fig. 30. Undrained shear strength determined by field vane 
tests over preconsolidation pressure versus liquid 
limit (after Larsson, 1980). 
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tv/O'p 
x DATA FROM BJERRUM (1954) 

• DATA FROM HANSBO (1957) 

o DATA FROM KARLSSON 8 VI BERG ~96~ 

o BANGKOK CLAY ( BJERRUM 1973) 

11 KALIX SVARTMOCKA ( HOLTZ & HOLM 1973) 
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� 
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0.4 
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0 
80 100 120 Ip %

0 20 40 60 

Fig. 31. Undrained shear strength determined by field vane 
tests over preconsolidation pressure versus plas
ticity index (after Larsson, 1980). 

Moreover, due to different other factors affecting 

the results from field tests and laboratory tests, 

some factors correcting undrained shear strength of 

soft clays should be considered: 

- correction factor for the effect of time 

- correction factor for anisotropy 

correction factor for progressive failure, etc. 

All reduction factors or factors correcting different 

effects affecting undrained shear strength are con

cerned with the calculation of the economic optimum 

value of the factor of safety (Fopt). The factor of 

safety for earthworks has normally been recommended 
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as F 8 = 1.30-1.50. The relationship between the factor 

of safety and different costs for construction 

(B = construction costs, R = risk of reconstruction 

cost, M = risk of machine damages, P = risk of human 

accidents) by a calculation of the construction costs 

of the Saima canal is shown in Fig. 32. The optimum 

factor of safety in this case is found, Fopt = 1.50. 

It should be noted that the optimum factor of safety 

depends on the R-, M- and P-costs that in turn depend 

on different types of structures, during which period 

the failure occurs. The optimum factor of safety also 

depends on an analytic method (short-term stability 

or long-term stability). The Fopt-value applied in 

long-term stability may be much higher than one in 

short-term stability (Helenelund, 1977). 

1000 

800 

E 

.::L ' 600 
E 

LL 

(/) 
1- B = Construction costs 
(/) 

0 
0 400 R = Risk .of reconstruction costs 

B 
M = Risk of machine damages 

P = Risk of human accidents 

200--1---........---f------,------,----.,..----; 
1.3 1.4 1.5 1.6 1.7 1.B 1.9 

FACTOR OF SAFETY F5 

Fig. 32. Determination of the optimum factor of safety Fopt· 
R-, M- and P-costs are proportional to the probability 
of failure. 

http:1.30-1.50
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The influence on shear strength reduction on the 

numerical value of the optimum factor of safety 

(Fopt) has been considered. Fig. 33 shows the econ

omic optimum values of the factor of safety according 

to construction costs and costs of repair of a sec

tion of the Saima canal (at failure 2, Slunga et al, 

1972). 

1.50 
NO REDUCTION} 

, REDUCTION ACC, TO BJERRUM
i'.= 140 
UJ REDUCTION ACC, ( AND FOR ANISOTROPY 
LL 
<{ TO BJERRUM • 
V) I B = CONSTRUCTION COSTS 
~ 1.30 i R = RISK OF RECONSTRUCTION COSTS 
a: 

M = RISK OF MACHINE DAMAGES~ 
~ 1.20 I p = RISK OF HUMAN ACCIDENTS 
LL 

L N 
::, co 

c:i~ 1.10 C> 
IIr-- 11 
:ig, r :1. 

1-00 L--...!---...----,._..- •I I 

rn 0,9 08 

REDUCTION FACTOR µ 

Fig. 33. Influence of shear strength reduction on the 
numerical value of Fopt· 

As seen from Fig. 33 it is clear that the Fopt-values 

without reduction of undrained shear strength are 

higher than the ones with reduction. From this figure 

it is also seen that the Fopt-values depend on which 

costs that are taken into account. 
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