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INTRODUCTION 

As a result of the co-operation between the Swedish 

Geotechnical Institute (SGI), Sweden, and the In

stitute of Building Science and Technology (IBST), 

Vietnam, IBST has received from Sweden some equip

ments for field testing such as Swedish Weight 

Sounding, Static Penetrometer, Vane Borer Test, 

Pore Pressure Sounding and Swedish Standard Piston 

Sampler. These equipments have just been introduced 

in Vietnam. 

During our stay in Sweden at SGI, we have had the 

opportunity to practice with all these equipments 

and test methods. Thanks to Swedish engineers and 

technicians we have got some knowledge and experience 

about these methods. 

The main purpose of this report is to summarize 

the knowledges and the Swedish experiences we have 

got during our stay in Sweden. Moreover some other 

methods and experiences from other countries have 

also been collected and summarized in this report. 
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I. PENETRATION TEST METHODS 

The penetration test is one of many reliable field test-

ing methods in geotechnical investigations. It has been 

widely used all over the world due to its many advantages. 

In response to the variety of problems and soil conditions, 

a great variety of penetration equipments and methods has 

been developed. Many different penetrometers are us~d at 

present for: 

- static penetration test 

- dynamic penetration test 

- standard penetration test 

- weight penetration test 

In every penetration test method there exist several 

different equipments and test procedures. Thus the static 

penetrometer and the quasi-static penetrometer are used 

in the static penetration test. In dynamic penetration 

tests a great number of equipments has been used such as 

light dynamic penetrometer, heavy dynamic penetrometer 

and dynamic penetrometer type DPA and DPB. Theoretically 

and in practice it has been shown that the results from pen

etration tests depend mainly on penetration equipment and 

test procedure beside other influence factors. So it has 

been found that the standardization of penetration equip

ments and of test procedures is not only desireable but 

also necessary. For this purpose, different sub-committee 

research groups have been organized and appointed: Sub

committee on Static and Dynamic Penetration (1957), 

European Sub-Committee (1965), Sub-Committee on Standard

ization of Penetration Testing in Europe (1975) etc. In 

order to limit the number of penetrometers, the following 

penetrometers are recommended for standardized tests by 

the Sub-Committee on Standardization of Penetration Testing 

in Europe. 

SGI nr 198 Klintland Grafiska, Unkoping 1981 



2 STATEN$ GEOTEKNISKA INSTITUT 

- Cone Penetration Test (CPT) 

- Dynamic Probing Test (DPA and DPB) 

- Standard Penetration Test (SPT) 

- Weight Sounding Test (WST) 

The penetration tests have many applications in geotech

nical investigations and design. Every method has its 

advantages and disadvantages. The interpretation of 

penetration test results as well as theories of every 

method behaviour have been discussed. 

In this report, the application of penetration tests 

is summarized for: 

- Weight penetration test 

- Static penetration test 

- Dynamic penetration test (incl SPT test) 

The soil conditions and the factors affecting the results 

from penetration tests are also presented. 

1. WEIGHT SOUNDING TEST 

The weight sounding test, FIG 1 ~1, :is-extensively used in 

Scandinavia as well as in Japan. It has also been used 

FIG 1.1 Swedish Weight Sounding Test. 
SGI nr 198 Klintland Grafiska, Unkoping 1981 
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in Poland, Hungary and Canada. In Sweden, this method 

was developed already in 1917 by the Geotechnical 

Commission of the Swedish Railroad Board. Recently the 

weight sounding test has been introduced in Vietnam. 

This method was recommended for standardization by 

the Sub-Committee on Standardization of Penetration 

Testing in Europe. 

1 .1 Application of the Weight Sounding Test 

The weight sounding test is normally used: 

for identification of soil layers sequence in soft clays 

and loose to medium dense cohesionless soils, 

for location of sampling bore holes and vane tests in 

soft clays, 

- to determine the relative density of cohesionless soils, 

- to determine the bearing capacity of spread footings 

and piles (driven and bored piles), 

- to determine the length of end bearing piles 

- to determine the relative strength of cohesive soils. 

1 .2 Soil Conditions 

Thanks to the point shape of the equipment, the weight 

sounding test can be used in both cohesive and cohesion

less soils. In very soft clay and loose soils when pen

etration resistance is less than 1 kN, the weight sounding 

works as a static penetrometer. In the medium to dense 

soils, even in stiff clays, it can penetrate well due to 

the screwshaped point (see Fig 1 .1). However, in Sweden 

a weight sounding test is generally terminated when the 

penetration resistance exceeds about 40 halfturns per 

0.2 m of penetration. 

1 • 3 Examples of application of the Weight Sounding 
Test 

1. 3. 1 Identification of soil layers 

The weight sounding test is mainly used to find the soil 

layers sequence in soft clays and loose to medium dense 
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4 STATENS GEOTEKNISKA INSTITUT 

cohesionless soils. FIG 1 .2 shows the soil profile 

established on basis of weight sounding test results. 

According to the profile the location of the sampling 

bore hole and the vane test is decided. 
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FIG 1.2 Drawing test results according to Swedish 
Geotechnical Society Standard. 
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Advantages: 

- easily portable and can be manually operated 

- calibration is unnecessary 

- not many human errors 

- cost of sounding is inexpensive relative other methods. 

Disadvantages: 

- cannot penetrate hard or stony soil 

- friction between rod and soil reduces the penetration 
resistance 

the maximum depth of penetration is 30 m, even in soft 
soil. 

1 • 3. 2 Determination of the relative densitv of 

cohesionless soils 

The relative density of cohesionless soils can be deter

mined based on the penetration resistance (number of half

turns per penetration). According to Helenelund (1966) the 

relative density of sand is related to the number of half

turns per metre of penetration (tab 1.1). 

TABLE 1 .1 Evaluation of the relative density of sand 
by the Swedish weight sounding method 
(according to Helenelund, 1966). 

Penetration resistance 
halfturns/metre 

D r Relative 
density 

! 

<50 <0,15 very loose 

50-150 0,15-0,35 loose 

150-300 0,35-0,65 medium 

300-500 0,65~0,85 dense 

>500 >0,85 very dense 
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6 STATENS GEOTEKNISKA INSTITUT 

According to the Swedish Building Code, the relative 

density of cohesionless soils (gravel to fine sand) based 

on the weight sounding test results is presented in Table 

1. 2. 

TABLE 1.2 The relative density of cohesionless soils 
according to the Swedish Building Code. 

Relative density Halfturns/0.2 m 

very loose without turning 

loose 1-15 

dense >15 

The relative density of cohesionless soils according to 

international praxis can be determined from the weight 

sounding test results. This determination is based on some 

comparable tests between the standard penetration test (SPT) 

and the weight sounding test. It should be mentioned that 

this relative density does not agree with the density 

definition used in the Swedish Building Code. 

TABLE 1.3 Relative density of cohesionless soils. 

Relative density D Halfturns/0.2 m r 

very loose 0 -0,15 <8 

loose 0,15-0,35 8-20 

medium 0,35-0,65 20-60 

dense 0,65-0,85 60-100 

very dense 0,85-1,00 >100 

According to Norwegian experiences, the relative density 

of soil is evaluated as in Table 1.4. 

SGI nr 198 Klintland Grafiska, Linkoping 1981 



STATEN$ GEOTEKNISKA INSTITUT 7 

TABLE 1.4 Relative density of soil (after Norwegian 
experiences). 

Relative density Half turns/metre 

Very low 0 

Low >35 

.Medium 35-125 

High 125-250 

Very high >250 

1.3.3 Determination of bearing capacity 

The weight sounding test can be used to determine the 

bearing capacity of foundations on sand and gravel. According 

to the Swedish Road Adminstration, bridge foundations on 

spread footings can be performed in gravel and sand when 

the penetration resistance is greater than 10 halfturns 

per 0.2 m of penetration at 1 kN load. In these cases, the 

maximum allowable pressure for the foundations is 

set to 450, 350 and 250 kPa respectivly for gravel, coarse

medium sand and fine sand. 

For soils having a relative density as shown in Table 1.2, 

the average ground pressure is determined in the Swedish 

Building Code from the following formula: 

om = BN(1- 3~) < om max 

where B = width of footing, m 

L = length of footing, m 

H = minimum distance between footing 
and the highest ground water table 

D = minimum depth of the foundation 

N = bearing capacity factor 

The N-value is depending on halfturns per 0.2 m penetration 

and on values of D and H. The N-value is taken from Table 
1 • 5 • 

SGI nr 198 Klintland Grafiska, LinkOping 1981 



STATEN$ GEOTEKNISKA INSTITUT 8 

TABLE 1 .5 Bearing capacity factor and maximum 
allowable ground pressure for spread 
footings on cohesionsless soils. 

Type of 
soil 

Gravel 

Sand 

Fine sand 
and 
coarse 
silt 

/Halfturns 
per 0.2 m 

H 
(m) 

>-

0 
2B 

>15 
> 

0 

2B 

1-15 
>-

0 

2B 

>15 

1-15 

> 

> -

0 
2B 

0 
2B 

N-value 
D=O m D=1 

0.17 0.25 
0. 7.7 0.40 

0 .13 0 .19 

0.20 0.30 

0.08 0 .10 

0 .12 0.18 

0 .10 0.15 
0 .16 0.24 
0,04 0.06 
0.07 0. 10 

(MPa/m) 
m D=2 m 

0 m,max 
(MPa) 

0.29 
0.47 

0.60 

0.22 

0.35 
0.50 

0 .13 

0.21 
0.30 

0 .17 
0.28 
0.08 
0 .12 

0 .40 

0.20 

Note 1) H = 0 when the ground water table is above the foundation 
level. 

2) H-values between O and 2B and D-values between 0.1 and 
2 m can be obtained by use of nectilinear interpretation. 

Norwegian experiences have shown that the bearing 

capacity of wooden friction piles and precast con

crete piles in sand can be estimated from weight 

sounding test results. The bearing capacity in this 

case is estimated from a diagram plotted between the 

average number of halfturns per 0.2 m along the pile 

and the skin friction resistance. 

2. STATIC PENETRATION TEST 

Compared with other penetration tests, the static 

penetration test has been more widely used all over 

the world. There are some different types of static pen

etrometers used at present in geotechnical investigations. 

The penetration resistance can be measured mechanically, 

electrically or by vibrating wire. The penetration of 

penetrometer rods is operated mechanically or manually. 

SGI nr 198 Klintland Grafiska, Linkoping 1981 



9 STATEN$ GEOTEKNISKA INSTITUT 

FIG 2.1 shows one manually operated static penetrometer 

used in Sweden. This type of static penetrometer has 

just been introduced in Vietnam. 

~~l~'~r~~~j~ 
. ~ ·\ 

Different sour.dfng poir.!S 

FIG 2. 1 Geotech's static penetrometer with 
different sounding points. 

Years of experiences have shown that the information 

obtained from static penetration tests is much more 

reliable than that from other penetration tests. 

That is why this method has been used nore and 

more all over the world and the penetration equipment 

has been continously improved. This method is rec

ommended for standardization by the Sub-committee on 

Standardization of Penetration Testing in Europe. 

SGI nr 198 Klintland Grafiska, UnkOping 1981 
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2.1 Application of static penetration test 

The static penetration test is mainly used for 

- identifying soil types and establishing soil 

profile 

- finding out the depth of firm layers, the location 

of cavities, rods and other discontinuties 

- evaluating the relative density of cohesionless soils 

- estimating the undrained shear strength of cohesive 

soils 

- predicting soil settlements. 

2.2 Soil conditions 

The static penetration test can be used both in 

cohesive and cohesionless soils. According to Borowezyk 

and Frankowski (1975) the static penetration test is 

suitable in cohesive and organic soils with 0-6 MPa 

of cone resistance and in cohesionless soils with 

5-40 MPa of cone resistance. Clays, silts and sands 

are suitable for static penetration tests, when the 

resistance of these soils is less than N = 50 in SPT 

(Smith, 1975). In eastern Europe the static penetration 

test is not recommended for use in sandy and clayey 

soils containing more than 25% debris. 

2.3 Example of application of static penetration 

tests 

2 . 3. 1 Identification of soil layers 

The identification of soil layers is one common appli

cation of static penetration test. FIG 2.2 shows a 

typical soil profile that is established on basis of 

results from static penetration tests. 

SGI nr 198 Klintland Grafiska, Linkoping 1981 
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FIG 2.2 Sounding diagram obtained with 
Geotech's static penetrometer. 

As mentioned above, years of experiences have shown 

that the information obtained from static penetration 

tests is much,@ore reliable than that from the dynamic 

penetration tests. FIG 2.3 shows a comparison between 

a soil profile according to the static penetration 

test and standard penetration test. 
CONE RESISTANCE LOCAL FRICTION RESISTANCE 

IN1tQtfcrn2-..;:,... !Nkgflcm1~ 

10 200 JOO 0 2 4 6 

r' 

25 

I STAhOA>H: 1:>EtH'. .. A'ATlON TEST 

c::J SANO c::::J (LAY 
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~;:!;A'.' 

JO 
0 l-00 2(.i(; ---,co ,co 
NUlrof8ER OF e:.-:ws PER FOOT---=--

FIG 2.3 Comparison between the results of SPT 
SGlnr198 KlinttandGrafiska,Unkoping1981 and static cone penetration tests. 
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The soil profile established on basis of static 

penetration test results is reliable and corresponds 

to the soil profile from boring and sampling results 

(FIG 2.4). 

COflf QES ISTAl,:E LOCAL FRICTION BORE LOG SORE LOG RESULTS 
Ill KG /CM2 IH lili /CM 2 RECOIISTRUCTEO mlll II~ 0: IN THE FJELD ~A~ AT O!!T ~ ES TS 
------ ---- CON( RESiSTA'ICE AliO I SAILER BORIH<il ON '.;~~iSTuRSEO

0 25 50 0 2 LOCAL FRICTIOII $AW P~ES 

SANO +10 '!I. < 16U 
SAN0+2·5%SANO < 16u 

SANO • 17 'II, < 16 U 
SANO •~ '!I. 
SANO+ 30'!1. 

SANO+ 10-18 %SAN0+35'!1. 
< 16 U 

CLAY (85 '!I. < 16 u) 

SANO + 5 '!I. < 16 U CLAY(25 ·31! "li, 
SANO + 24 '!I. < 16 u) SA',0-,. 26 % 
SANO + 6 '!I. < 16U 
a.AY (65 % < 16U) 

CLAY( 46'!1. " ) SANC'Y c..AYQ..AY(26·31! 'JI, , 36 % < I bU)
< 16 u lSAN0+30%< 16U 

CLAY (75 % < 16u 
SANO + 25 % < 16 U 

SAND+20%
SANO+ 20"4 CLAY (26-38 % < 16 U 

< 16 u l 
CLAY (65 % < "6 u) 

CLaY (65 % " ) CLAY 

PRE GLACIAL CLAY PRE GlACAl 0.AY 
('·por" CLAY) ('POy·· CLAY) 

PRE GLAOAl..85"ll, (16U CLAY (95'1. < 16) 

FIG 2.4 Soil profile determined by the static 
cone penetration test and one determined 
from boring and sampling. 

Based on the cone resistance q, skin friction re--c 
sistance fs and friction ratio FR, the soil types 

can be classified. Borowezyk and Frankowski (1975) 

found that, for cohesive and organic soils, the cone 

resistance is in the range 0-6 MPa. Based on 

the cone resistance they divided the types of these 

soils as presented in Table 2.1. 
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TABLE 2.1 Soil types according to cone 
resistance. 

Cone resistance Type of soil 
(MPa)qc 

<6 silt 
<3 low plastic clay 
<1 high plastic clay 

Theory and practice have found that the cone resistance, 

skin friction resistance and friction ratio are para

meters on which the soil types are classified quite ac

curately. Begemann (1965) deduced the relationship of 

cone resistance, local friction and soil type (FIG 2.5). 

In this plot, percentage of soil particles <16 µ is 

taken into account. The author also proposed an inter

pretation chart on which the soil types can be de

termined. The basical identification of soil types is 

based on the point resistance and the friction ratio 

(the ratio of local friction to the point resistance), 

see FIG 2.6 . 

.. 
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C) ' 
X: 

200 .........----~------+---?"
LLJ 
u 
z 
~ 
U) 

in w 
a:: 

I 
% SOIL PARTICLES < 16 )J. 

0J~j~~~~~~=---2~-----+,-----~4------5t-----s0
LOCAL FRICTION KG/CM 2 

FIG 2.5 Relationship of cone bearing, local friction 
and soil type. (10 kg/cm 2 = 1 MPa) 
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FIG 2.6 Interpretation chart based on the work 
of Begemann. 

The author also found that the ratio of the cone 

resistance and the local friction resistance has a 

characteristical value for each type of soil. According 

to the author the ratio for soft clay is 14/1 and for 

sand 80/1. 

Based on Begemann's work, Schmertmann et al (1969) 

found that the density or stiffness of soils could 

be obtained from the cone resistance and the friction 

ratio. FIG 2.7 shows the soil classification pro

posed by Schmertmann (1969). This chart is plotted 

in a semi-log scale (cone resistance in log-scale and 

friction ratio on linear scale). 
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FIG 2. 7 Soil classification from friction
cone soundings. 

The same interpretation chart based on the work of 

Schmertmann et al (1979) is shown in FIG 2.8 with 

log-scales. 
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FIG 2.8 Interpretation chart based on the work 
of Schmertmann. 
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In general these interpretations have been considered 

very useful in practice and after these interpretations 

no significant advance was introduced. However, according 

to some authors, these interpretations were rather 

vague and better interpretation has been required. 

The better interpretation is carried out only by 

developing a computer program. The computer program 

will analyse the results and then plot out the inter

pretation. A new and better intrepretation was there

fore introduced by Searle. 

This interpertation was expressed in an interpretation 

chart that was plotted by a computer program. The 

first computer analyses were based on a numerical form 

of Schmertmann's work (Searle 1979). By this new inter

pretation chart, more detailed identification of soil 

types can be carried out, see FIG 2.9. 
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FIG 2.9 Proposed interpretation chart for normal soils. 

On the other hand, it has been found that this new 

approach allows us to determine the soil parameters 

on basis of the static penetration parameters 

(cone resistance q in MPa and friction ratio in 
C 

percent) : 

- average grain size (mm) 

3 52AGS = 1.16 Rf- · 

- Relative density (%) 

Rd= 43 log 10 (1.33 qc·Rf) 

- Undrained shear strenght (kPa) 

C = 6.67 R •qu f ~c 

- Drained angle of friction (degrees) 

qi' = log1o(Rf)-2.87+log10 (qc) 

0.21 log10 (qc)-0.88 
SGI nr 198 Klintland Grafiska, Link6ping 1981 
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18 STATENS GEOTEKNISKA INSTITUT 

- The division line between the soil types as drawn 

in FIG 2. 8 is given by 

Rf= 0.627•10°• 284 n 
where n=0,1,2,3,4,5 

Rf= 0.855·100. 2S4n 

The point resistance q in the above equations was 
C -

taken with an assumed overburden pressure of 140 kPa. 

At other overburden pressures the point resistance q
C 

has to be corrected. According to Gibbs and Holtz 

(1957) an approximate correction assuming the water 

table to be about 3 m below the ground surface is 

qc(cor2) = qc(0.053z + 0.316-0.56) 

= point resistance with correction (MPa)where qc(cor2) 
= point resistance without correctionqc 

(directly measured from test) (MPa) 

z = depth under consideration (m) 

For more accurate correction use: 

q I 2) = q (0.14/o')0.56c cor -c v 

where o' = overburden pressure at the depth (MPa)
V 

fs 
In many countries the ratio - (skin friction fs to 

qc 
cone resistance qc) has mainly been used for soil 

c]Bssification. Greece, Italy and England report the 

ratios in Table 2.2. 
f 

TABLE 2.2 Soil classification according to s ratio. 
qc 

Country fs/qc Classification 

0,01-0,02 gravel-sand 

Greece 0,02--:-0,05 sand-clayey sand 

>0,05 clay 

0,025-0,01 silty sand-fine sand 

0,04-0,025 silt and sandy silt 
Italy 0,08-0,04 clay 

>0,04 peat and organic clay 

0,01 gravelEngland 
0,015 sand 

http:0.14/o')0.56
http:0.316-0.56
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2.3.2 Determination of the relative density of soils 

Correlations between static cone penetration resistance 

and relative density for cohesionless soils have been 

less extensively studied. However, the cone resistance 

may offer a more reliable method (James, Mitchell et al, 

1975). Different relationships were suggested by dif

ferent authors (FIG 2 .. 10). It should be noted that the 

curves in FIG 2.10 proposed by Schmertmann (1971) are 

applicable on silty fine sands to uniform medium sands 

that are normally consolidated. 

~ 100~--------, 
z 
tl 90 
a: 
w 80 
0. I 

~ ror: 
0~ 6(P-: 
>- I 
~ 50 I 
<J1 
Z 40 
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0 3,() -- -- !',C ..MEJITM,U!"' l!97t: 
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iii z 40 
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0 30 

~ 20 

~ 10 
..J 
w 
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CONE RESISTANCE, QC (ko/cm2) 

FIG 2.10 Correlations between static cone resistance, 
vertical effective stress and relative density. 

Borowczyk and Frankowski (1981) have proposed a 

relationship between the cone resistance and the relative 

density for fine-medium and coarse-grained sands of 



20 STATEN$ GEOTEKNISKA INSTITUT 

uniformity coefficient Cu~ 3. By their correlation, 

the direct density of those soils can be calculated 

according to the following formula 

DR= 0.709 lg qc - 0.165 

According to the German Standard DIN 4094, the relative 

density DR in dependence of the cone resistance for 

sands with cu < 3 above the groundwater table is deter

mined by the formula 

DR= 0.40 + 0.75•lg qc 

This relationship is plotted in FIG 2.11 and the 

DR-values can be taken directly from the diagram. 

The DR-values are only valid for soils with 3 ~ qc < 

50 MPa. 

0,8 

Q6.,___,._____,____ _;,J_I--t-
' I o.s t--l-

1 

0,4•--4----4-~- -+ + 
0,3J------4 -~1-~-r-

I - ----t--
5 20 30 40 SO 

point resistance qs in MN/m 2 

FIG 2. 1 1 Relationship between relative density and 
cone resistance for sands with cu < 3 above 
the groundwater table. 

For gravel and sand composition above the groundwater 

table the following relationship between relative den

sity and cone resistance is proposed by the German Stan-

dard. 

DR= 0.25 + 0.30·lg qc 
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The DR-values can be taken from the diagram in FIG 2.12. 

These values are only valid for 3 < q < 50 MPa and a 

sounding depth h > 1.5 m. 

>, 
+,) Q7 --- ·-·- -
•,-! 

1/l 
C 
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-,-! 
+,) 

ctl 
t) 

•r! 
'H Q4
-,-! 
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ctl 
S-; 

+,) 
Q3 

1/l 

'O 0,2
(l) 
C 

-,-! 

ctl 0. 1 
+,) 

.0 
0 0 3 5 10 20 30 4050 

point resistance q in MN/m2 
5 

FIG 2.12 Relationship between relative density and 
cone resistance for gravel-sand above the 
groundwater table. 

According to other authors, the relative density of 

cohesionless soils can be determined on basis of 

the cone resistance qc. The relative density proposed 

by different authors are summarized in Table 2.3. 

TABLE 2.3 Relative density of cohesionless soils 
according to different authors. 

Relative density Eide (1956) Meyerhof (1956)DR 
qc (MPa) qc (MPa) 

very loose <0.2 <2.5 <2.0 
loose 0.2-0.4 2.5-5.0 2.0-4.0 
medium 0,4-0.6 5.0-10.0 4.0-12.0 
dense 0.6-0.8 10.0-20.0 12.0-20.0 
very dense >0.8 >20.0 >20.0 

SGI nr 198 Klintland Grafiska, Unk6ping 1981 
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According to Bergdahl (197 4 ) . 

Relative density (MPa)DR qc 

very loose 0 -0.15 <2.5 

loose 0.15-0.35 2.5-5.0 

medium 0.35-0.65 5 . 0-1 . 0 

dense 0.65--0.85 10.0-20.0 

very dense 0.85-1.00 >20.0 

According to Schmertmann (1976). 

Relative density (MPa) f (MPa)DR qc s 

loose 0.30 2 0.031 

medium 0.60 8 0.067 

dense 0.90 22 0.075 

2. 3. 3 Determination of shear strength of soils 

The static penetration test does not measure shear 

strength directly but measures cone penetration re

sistance qc and skin friction resistance fs' which 

both depend on the shear strength of the soil. 

a. Internal_friction_angle_p'in_sands 

When evaluating the bearing capacity of piles and of 

spread footings Meyerhof (1958) and Bergdahl (1974) 

proposed that the internal friction angle of sands 

can be taken from Table 2.4. 

TABLE 2.4 Internal friction angle~• according 
to cone penetration resistance qc. 

Relative density ~ (0) Meyerhof,1956 Bergdahl,1974 
qc (MPa) qc (MPa) 

very loose <30 <2 <2.5 
loose 30-35 2-4 2.5-5.0 
medium 35-40 4-12 5.0-10.0 
dense 40-45 12-:-20 10.0-20.0 
very dense >45 >20 >20.0 

SGI nr 198 Klintland Grafiska, Linkoping 1981 
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In the German Standard DIN 4094, a relationship 

between internal friction angle~' and cone penetration 

resistance q is given as shown in Table 2.5. 
C 

TABLE 2.5 Dependence of internal friction angle 
on cone penetration resistance for sands. 
(according to DIN 4094) 

Cone resistance Internal friction 
qc (MPa) angle ~I ( 0) 

5 32.5 

7.5 35.0 

15.0 37.5 

25.0 40.0 

Meyerhof (1974) presented an empirical relationship 

between internal friction angle and cone resistance. 

This relationship is applicable for homogeneous norm

ally consolidated cohesionsless soils below the critical 

depth, FIG 2.13. The grain size characteristics and 

other factors appear to be important mainly in very 

dense soils. 
"'E 400 

I 
Iz "Kahl et al.(1968)

:,::: 
0 o Kerisel ( 1961) ;
0 

1::,. Muhs& Weiss (1971) " 0 I"'t >< Melzer (1968) ,;. v ....... - I 
" 

0-J 3 0 0 OJ 
\I) ' 
C 
OJ 

w Iu 
z 0 I1-..:
<!,-
~ I 
LI) 
w (1) /'
0::: C0200 " 

(1)w 
C x/o 

0 
z 0 I_L) 

y'~ 
,-~ 0 'y"v 
,-<! 0 :~ ia. 
tJ) I 00 E 70 
(.'.) u I'"''></::.z I 

iL j::i t:::.O 

,-

0 
/l

/ 

i 

I 

j c,.--"v TI 
30° 

ANGLE OF INTERNAL fRICTlOti z,p 

Approximate relationship between static 
SGI nr 198 Klintland Grafiska, LinkopinfJa~ 2 • 1 3 

cone resistance and internal friction 
angle of sand. 



24 STATENS GEOTEKNISKA INSTITUT 

b. Undrained_shear_strength_of_cohesive_soils 

Static penetration test is extensively used to deter

mine the undrained shear strength of cohesive soils. 

In this method, the undrained shear strength, cu, is 

evaluated on basis of the cone penetraton re

sistance q and skin friction resistance fs. Table 
C 

2.6 shows a summary of different methods for deter-

mining the undrained shear strength according to static 

penetration data in different countries. 

TABLE 2.6 Undrained shear strength Cu as a function 
of cone resistance cr and skin friction~c 
resistance fs. 

Country Notes 

qcBelgium C = qc Average Cu= 15u 10-20 

France cu= f (qc) Depending on the point 

Greece C = 
u 

qC
15-18 

India cu,vane = f(qc) Using diagram 

Italy qe-po<c < 
u

25 
qc-Po 

15 
15 
25 

for norm.cons.clay 
for over cons.clay 

Japan C = u 
qc 

10-20 

Holland C = u 
qc 

10 

South 
America 

C = u 
qc 

12 when qc < 1 ,5 MPa 

C = u 
qc

---
37 

when q-c = 5 MPa 

Canada C = .U ~ 
1 0 

USSR C by experienceu 

Schmertmann (1975) presented a formula by which the 

undrained shear strength is calculated. 

SGI nr 198 Klintland Grafiska, Linkoping 1981 



25STATENS GEOTEKNISKA INSTITUT 

q -y2
C 

C = 
u Ne 

where C = undrained shear strength
u 

= static cone resistanceqc 

Y2 = total overburden pressure at depth of qc 
N = bearing capacity factor 

C 

The bearing capacity factor depends on many factors 

and varies very much. Amar et al (1975) reported Ne= 

5-70. According to Schmertmann (1975) for young, non

fissured clays with overconsolidation ratio (OCR) less 

than 2, many engineers use Ne - 10 with electrical 

penetrometer tip and cylindrical shafts and Ne~ 16 

for the Begemann mechanical tip, both at penetration 

rates of 1-2 cm/sec. Comparing qc with vane tests, 

Zones (1975) found Ne= 18.4 for soft clay which is in 

reasonable agreement with values of 12-37 mentioned 

by Webb et al (1974). 

2.3.4: Determination of the compressibility charac

teristics of soils 

A large number of relationships between the static cone 

resistance q and the compressibility have been proposed.
C 

Many relationships between q and the oedometer modulus 
C 

E and the compression index Cc are presented in 
s 

Table 2.7. In one method the oedorneter modulus Es is 

determined by the formula: 

.E = a qcs 
82,3(1+e) 0 a = 

cc qc 

where E = oedometer modulus s 
a = correction factor 

Cc = compression index 

e = void ratio 

80 = effective overburden stress 

qc = cone resistance 

SGI nr 198 Klintland Grafiska. linkoping 1981 
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In general the relationship between Es and qc for 

soils given in Table 2.7 is not linear and a-values 

vary in a· great range: a= 1.5-8.0 for normally con

solidated soils and a> 8.0 for softer, more com

pressible soils. The relationships in Table 2.7 are 

summarized from static penetration tests which utilizes 

a 60° cone with a 35.6 mm base diameter. According to 

Vesic (1970) the a-value for a sand depends mainly on the 

density of the sand and can be evaluated from the formula: 

where DR= relative density of the sand. 

In relationships proposed by Gielty et al (1969) and 

Sanglerat et al (1972), the compression index Cc and 

the cone resistance qc are separated according to water 

content. FIG 2.14 shows a correlation between Cc and 

qc for many comparisons between field penetration and 

laboratory oedometer tests on different soils. As seen 

in FIG 2.14 it is clear that for qc < 1.0 MPa, Cc may 

be very large, while for qc < 1.5 MPa, Cc is in the 

range 0.05 to 0.20. 

4 

t 2 • , ; • l 
0 I ~ 
; 05 • :>. =, 

i" /\-
03 I ,• • , 

I I! . •, • • ; 

=.~r~:i_____~--~ 
00'------~-~-~___,--,-

o 5 10 15 20 25 30 35 40 
STATIC CONE RESISTANCE - Qc IN BARS 

FIG 2.14 Correlation between compression index 
and cone resistance (from Sanglerat et 
al, 197 2) . 
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TABLE 2.7 Compressibility as indicated by 
static cone resistance. 

Re:erence 

Buisman (1940} E . l.5 

' 
qc 

Relations!'li"' $011 Tvpes 

Sands J'.'t:>rpred1-::s 

about t'-~' 

.st•t:le::-.e:-,:c- t,._ d 

Trofimenkov (1964) 

De 5ee;' (1967) 

E.• 2. 5 qc 

E . 100 + 5 
s qc 

E.. 1. 5 qc 

Sand 

Sand 

Lower lin=it 

Avera;.:.e 

Overpr.:d1cts sett.ie::;cnts !Jy 

t"o 

a :actor ,,: 

Schultze 
(1965) 

and ?-1:elzer E • ....! VOC.522 

s •v 

v • 301.l log qc-382.3 p +60.Jt50,3
0 

Dry sand Based on f1eld and lab pt>:!t'tr,nhrn tsc-.t" 
compressit>ility bas.:C ;:in '-"• t::n..1x amd er'.;.:. 

Correlation coeffic1cn!:. = J."775 for 
90 tests valid for i\, '.) t,) 0.0 kg/cc· 

Bachelier and 
(1965) 

Parez Es • aqc 

o. • 0.8-0.9 
a • 1.3-1.9 
a • 3.8-5. 7 
Cl • 7. 7 

Pure sand 
Silty sand 
Clayey sand 
Soft clay 

De Beer (1967) 
Overconsolidated 
sand 

C from field tests 
Aoed and coed from lab oed(,tnt."ter tests 

Coed.,_ 2.3 

Aoed .. 2.3 o; e) 
s 

Thomas (1968) Es • aqc 

a • 3 - 12 

3 sands Based on penetration and coopression 
tests in large chambers 
Lower values of :i. at higher values of 
qc:; attributed to grain crushing 

Webb (1969) E, • ¾<qc + 30) tsf 
9 

E, • %<qc + 15) psf
8 

Sand below water 
table 

Clayey sand below 
water table 

Based on sc:re1J plate tests 
Correlated well 1.'ith settlement. of 
oil tanks 

and cc,rbett Soft silty clay See Fig. and text 

Ves1i'.: t!970) 

DR • relative density 

Sand Based on pile load tests and 
concerning state of stress 

assucptions 

Sand Based on screv plate tests !.}C • 2 tsf 

Gielly et 
Sanglerat 

al. {1969) 
et al. (1972) 

} 

qc < 7 bars 

7 ' qc .... 20 

qc > 20 bars 

bars 

< (l < 

(1 < 

< (l < :.J Clays of low 
plasticity (CL) 

Based on 600 comparisons bet_.een field 
penetration and lab oedoc:ieter tests 

qc 

qc 

qc 

> 20 bars 

20 bars 

< 20 bars 

12 bars 

bars: 

(l < 

, < 

2 < :i < 

} Silts of low 
plasticity (HL) 

Highly ;slas:ic silts 
and Clays (M'.H.CH) 

'..Jrganic silts (OL) 

50 

100 

w 

100 

w < 200 

> 200 

1.5 

0.4 

< a < 4 

< (l < 1.5 

< a < 

} 
Peat and organic 
clay (Pt, OH) 

20 

qc 

< qc < 30 bars 

> 30 bars LS 

< (l < 4 

< Cl< } Gravel 

qc < 50 bars (l • 

qc > 100 bars (l • 1.5 } 
, 

qc 12 bars. < jQ% cc < 0.2" 
qc < 12 bars, < 25% cc < 0.2" 

25 < < 40% 0. :! , cc , 0. 3" 
40 < w < 100: 0.3 < C • 0. i 

C 

q < bars, 100 < 130! 0. 7 < cc 
C " 

130 cc > 1" 

Sand 

See Fig. 
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Table 2.7 (contd) 

Re:ui.rksRelationsn1- Soil Tyoes 

Based on anal,,,sisc of silo settle~en:.:,
BogcancviC (1973} Es '" :J.qc over a peria:>~ cf !O yl>ars 

qc ~ 40 kg/cm2 
J: • 1.5 Sanjs, sandy gravels 

J.,. LS - 1.8 Silty saturated sands20 • qc < 40 

10 · qc ' 20 :i • 1.& - :'.5 Clayey silts with 
siltv sand and silty 

) , qc .:.. 10 J: .. 2.5 - LO sa:.u~ated sands with 
silt 

L/B .. 1 tt' : axis:,=etricNC sandsEs ,. 2. S qc 
LIB 2:.. 10 ;:ilane strainSC sandsEs .. ).5 G.c 

De Beer (1974b} Belgian practiceSC sands 

3 < c "- 10, Belgian practiceOC sands 

Bulgarian pra.:ticeSandEs,. l.& qc-8 

E ,. LS- q , q • JO kg/.:.-o· l
S C c Sand ) Gceek pcan ice 

Es "' } Ge , qc ' 30 \<.i.;!;:::· 

Sand ttalian practi.:eE:. · 3/2 qc or "' 2 qcE5 

Es "' 1.9 q_c 

:::: to medium sand South African practiceIE ,. ~ (qc + 3200} kN/m:
5 

1
£ 5 ,. i (qc + 1&00) k!-1/m Clayev sands, PI< 151 

E "':J.Qc•
5 

1.5 .:.. c1 " 2 Sands l'.K. practice 

Trof 1::enkov (l 974) Sands 

Clays 
] e.s.s.R. pact!« 

!-foyerhof (197.:.) S ,. pB/2 qc in consistent units Cohesionless soil Conservative estim.ate, 
of vertical strain 

based on analysis 

5 • settlement 

Alperstein and 
Leifer (1975) 

E,. (11- 22) qc 
Overconsol idated 
sand 

£ determined bv lab tests on recon
5 

stituted sa:pl<!S of sand 

Dahlberg ( 1974} NC and OC sand E bad:.-caL::ulated frO':I screw plate
5 

settlement Buiscttn-DeP.eer and 
$;:-hrnt•rtmann '.J. increases _1,oith 
increasing qc; ,;ee text 

2.3.5 Determination of bearing capacity 

The static penetration results have been commonly used 

to determine the bearing capacity of shallow foundations 

and piles. 

a. Bearing_ca2acity_of_shallow_foundations 

Results from static penetration tests can be used 

to evaluate the ultimate bearing capacity (or allow

able bearing pressure) of shallow foundations. In many 

countries relationships between cone penetration re

sistance and ultimate bearing capacity of shallow 

foundations have been used. These relationships are 

given in Table 2.8. 

SGI nr 198 Klintland Grafiska, Linkoping 1981 



29 
STATENS GEOTEKNISKA INSTITUT 

TABLE 2.8 Bearing capacity of shallow foundations 
Qu related to static cone resistance qc. 

I 

Country f(q) NotesQu = 
C 

France Qu= Sc For cohesionless soils40 

51c < Ou< 51c For cohesive soil14 10 

qc
Greece Qu = For sand above GWL40 
(in preliminary 
design) Qu = 

qc 
For sand below GWL60 

qc
USSR Qu = - For spread footingss on clays and sands 

s = about 10, Clays with B 
decreases when 0.6 m<B<1.5 m 

increasesqc and embedding depth 
of 1.0 to 2.5 m 

qcSpain Qu = 
TIT 

Moreover the bearing capacity of shallow foundations can 

be determined indirectly through the internal friction 

angle (for sand) and the undrained shear strength cu. Both 

these parameters are evaluated from static penetration 

test results. This method has been used in Belgium, 

South Africa and other countries with a factor of safety 

F = 2-3. 

b. Bearing_ca2acity_of_2iles 

The length, the bearing capacity and the allowable 

load of piles from static penetration test results 

are summarized in Table 2.9 by the Group Discussions 

on Interpretation of Results of Static Penetration 

Tests (ESOPT, 1974). 
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TABLE 2.8 Length, Bearing Capacity and Allowable 
, 

l 
Load of piles from static cone penetration 
test _results (safety factqr = F). 

AUSTRALIA 

BELGIUM 

(J
'· . 

ITALY 

JAPAN 

NEl'HERLANm 

PORTUGAL 

SOlJI'H-AFRICA 

U.S.S.R. 

foreign methods. 

scale effect taken into account for 
F • 2 
F • 3 

Dutch practice or Meyerhof method. 

resistance at the base . 

C A C A
k 1 d,V p + k,d,H s 

Q -a F 50 F
1 2 

Dutch practice. 

Yes. 

base resistance 
for end bearing pile 
if base resistance and late
ral friction are both taken 
into account. 

F • 31 
F • 200

2 • 300 
• 100 

F • 2,51 
F • 2.

2 

(sand) 
(silty fine sand) 
(sand-gravel). 

with scale effect for point resistance 
method of Begemann for lateral friction. 

1) SWedish turning penetrometer : relationship between the number 
of half turns per meter an the equivalent skin friction (graph) 

C I A C A 
k 1 d,_m p + k1 d1 H s i l / 2

2 ) ~ • ;Fl F w th Ck,d 1m1ted to 100 kg_ cm 
2 

F • 2
1 2

F • 200 in medium dense sand (C • 100 kg/cm ) 
2 k,d 2 

F • 100 in very loose sand (ck,d • 25 kg/cm).
2

' Dutch practice. 

Dutch practice F • 2,5. 

all methods ~f Sanglerat's book. 

C 
1) o • C A + ~ A

""I' k,d p 200 s 

2) ~ • ck,d AP +!A. A a 6F (coefficient a according to Begemann)
8 

driven piles 0,25 x 0,25 m to 0,35 x 0,35 m 
u 

1) ~ • 0,5 Ck d A + ....£ F , ,m p us a 

2 ) ~ • ~l ck,d,m Ap + ~2 fm As 

! ~1 fi ti 
3) ~ • 0,5 ck,d,m Ap + H 

. u 
4) ~ • (2,0 - 0,1 f) -2 P a u a,r 

8 

In these formulas : 

~•ultimate bearing capacity of the pileL. 
Q • allo-ble load on the pile

a 

F • 1,4 

F • 1,4 cone and casing 

F • 1,4 cone and sleeve 

p 
f-~ 

a u H 
.s 
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TABLE 2.8 (contd 

l~roup Discussions 

ck,d • cone resistance at the level of the base 

A = surface of the base of the pile
p 

A = lateral surface of the pile shaft 
s 

C • mean value of ck,d over the length Hof the pilek,d,H 
C , • mean point resistance 5D above and 3D underneath the basek,d,m 
~ • mean value according to Van der Veen (1957)vk,d,V 

u • perimeter of the pile
p 

us• perimeter of the tubes of the penetrometer 

Fs = total lateral friction of the sounding test 

fm = mean lateral friction of the sounding test 

~l reduction factor, decrea~ing when Ck d increases 
'\ , ,m tables 

~ ,. reduction factor, decreas1ng when fm increases
2 

fi = mean unit friction in the layer 1 with thickness t
1 

~i = reduction facU!lr depending on f and Hi of the layer
1 

~i decreases when f increases and Hi decreases
1 

P = total penetration resistance measured in the test. s,r 
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2.3.6 Prediction of settlement 

According to many authors the settlement of soil can 

be predicted based on static cone resistance. The 

following formula has been proposed by Beshaw et al 

for consolidation settlement. 

s = rlg(1+Pa) l (H.Po)
L Po - qc 

where S = settlement of the layer 

= pressure exerted at the centre of the 
clay layer by the loading of the proposed 
structure 

= overburden pressure 

H = thickness of the soil layer under 
the analysis 

q = average cone resistance of the layer.
C 

For immediate settlement of the structure on non

granular material, the author also proposed the following 

formula: 

k•:e· Bs = 1 2 qc 

where s = immediate settlement of the centre of the 
footing 

k = constant coefficient depending on type of 
footing (k=3 for continuous footing 

k=1.25 for sq"uare footing 
k=1. 0 for circular footing) 

p = uniformly distributed load at the top of 
the clay layer 

B = footing width or depth of the clay layer 
if smaller 

qc = average cone resistance taken over the width 
or depth of B 

According to the author this equation is limited for 

soil above the groundwater table. For those below the 

groundwater table the settlement is increased by 20%. 

Meyerhof (1974) proposed the following formula for 

calculation of the maximun settlement of a shallow 
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foundation on cohesionless soil 

s = p· B/2qc 

where p = net foundation pressure 

= average static cone resistanceqc 
B = width of foundation 

According to Jones (1975) the settlement of a structure 

founded on alluvial saturated deposits can be calculated 

by Terzaghi's equation on basis of the static 

penetration resistance 

oH = 23 (P0 + 02 )c H lg10 
Po 

where 0H = settlement of the layer being considered 

= overburden pressure at mid depth of the layerp 0 

H = thickness of the layer 
0 2 = increase in pressure at mid depth of the layer 

due to additional fiundation load 

c = compression modulus that is a function 
of the static penetration resistance a -c 

The author found that the c-value can be evaluated 

according to Been and Martens (1957) or Meyerhof (1965), 

Schmertmann (1970): c = 1.5-1.9 q /p . 
C 0 
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Compilation of a number of basic data for a li
mited number. of dynamic penetrometers. 

COUNTRY/ Weight of Height of fuiat; Rods 
TYPE hammer fall diam angle diam 

kg cm mm degrees mm 

International proposal (1968) 

Light 10 50 35,6 60 22 

Medium 30 20 35.6 60, 22 

Heavy 50 50 43,7 60 32 

Bulgarian 

Light 20 25 25.2 90 22 
Heavy 
Si.;,perheavy 

50 
60 

50 
80 

47.7 
74.o 

90 
50 

32 
42 

France 

ETF-type 150 50 65 45 

VERITAS 15 100 50 34 
SOCOTEC (1) 8 80 35 25 

-"- (2) 5,2 100 35 18 

SOBESOL 60 50-150 55 42 

PILON 75 65 60 42 

Federal Republic of Germany 

Light 10 50 25.2/35,6 90 22 

Medium A 30 20 35.6 90 22 

Medium B 30 50 35.6 90 32 

F.eavy 50 50 35.6/43.7 90 32 

Italy 73 75 51 60 33 

Poland 

Light 10 50 35.6 60 22 

Heavy 65 75 5o.5 60 42 

Sweden 

type A 63.5 32 

ty-pe B 63.5 32 

Switzerland 

Lig..11.t 10 50 35.6 90 22 

(At:ES) 

Middle 30 20 36 30 23 

(VAWE/IGB) 

Heavy 50 50 43.7 90 32 
(A.~ES) 

USSR 60 I.lo 74 60 42 

TABLE 3.1 
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3. DYNAMIC PENETRATION TEST 

The dynamic penetration test has been widely used all 

over the world. A great number of different penetro

meters have been used for this method. The variety of 

penetrometers differ mainly in weight of hammer, height 

of fall, point angel and diameter of point and rods. 

In Table 3.1 the different dynamic penetrometers used 

in different countries are listed. 

As seen in Table 3.1, the number of dynamic penetro

meters is great. In order to limit the number of 

dynamic penetrometers and to easy standardization 

of the test method the Subcommittee on Standardization 

and Penetration Testing in Europe has recommended only 

two dynamic penetrometer types called the Dynamic 

Probing type A and type B. This report is concerned 

not only with these standard dynamic tests but also 

with some other methods. 

Ths Standard Penetration Test (SPT) is also included 

in the Dynamic Penetration Test. 

3.1 Application of Dynamic Penetration Test 

The Dynamic Penetration Test is usually used for 

- identifying soil layers 

- determining the length of end bearing driven piles 
and finding bed-rock on firm soil layers 

- determining relative density of cohesionsless soils 

- evaluating the bearing capacity of shallow founda-
tions and of piles 

- determining the internal friction angle of cohesion
less soils 

- predicting settlement 

- compaction control. 
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3.2 Soil conditions 

In general the dynamic penetration test can be used 

in both cohesionless and cohesive soils. However, 

the cohesionless soils are more suited to this method 

than cohesive soils. According to Swedish experiences, 

the dynamic penetration test should not be used in 

soils which have a penetration resistance lower than 

5 blows per 0.2 m of penetration. The method is suit

able for loose to very dense soils. In eastern Europe 

the dynamic penetration test is recommended not to be 

used in sandy and clayey soils containing more than 

40 percent debris and in silty saturated sands and 

soft and very soft clays. 

3.3 Examples of application of the dynamic 
penetration test 

3. 3. 1 Identification_of_soil_layers (Fig 3.1) 

DYNAMIC 
PROBING 
WITH 
SLIP COU~LING 

Fig. 3.1 Results from a dynamic probing test with a 
slip coupling at Kolari in northern Sweden. 
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3.3.2 Determination of relative densitv of soils--------------------------------~---------
The relative density of cohesionless soils is normally 

determined on basis of the dynamic penetration test. 

This is one of the common applications of the dynamic 

penetration test. According to the type of penetro

meter, the soil conditions and the test methods, a 

great number of different relationships between rela

tive density and dynamic penetration resistance have 

been proposed. 

In general this relationship is established on basis 

of the relation between relative density DR and number 

of blows per penetration distance NK and is normally 

presented by comparable tables or diagrams. Some of 

these relationships are presented below. 

In Sweden, the relative density of cohesionless soils 

is determined by the Swedish Dynamic Probing Test. 

In this case, before determining the relative density, 

the skin friction resistance should be subtracted from 

the total penetration resistance. 

TABLE 3.2 Relative density of cohesionless soils 
according to the Swedish Dynamic Probing 
test. 

Relative density DR Number of blows/0.2 rn 

Very loose 0 -1 . 1 5 <5 

Loose 0.15-0.35 5-12 

Medium 0.35-0.65 12-35 

Dense 0.65-0.85 35-60 

Very dense 0.85-1.00 >60 

For determination of the relative density, the SPT test 

has been widely used. This method has been commonly 

used in USA where this method has been used for both 
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C) TABLE 3.3 The characteristics of the SPT as used in USA. 
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Mohr (1937) Terzaghi & Peck ( 1967) New York Ciry Code 
~ 
~ 
i> 
:, 
a. Type of Relative 
G) ,.soil density O.D.1 3/8"; O.D. 2"; I.D. 1 3/8" O.D. 2.5"a co· 
:,c (DR) I.D 7/8"
JU 
r
5· 140 lb, falling 140 lb, falling 30 in. 300 lg, falling 18in 
:,c 
0• 
"O
5· 

30 in. (No blows/ (No of blows/foot) (No of blows/foot) 
"' <D foot) 
~ 

Sand very loose <4 

and loose <9 4-10 0-15 

silt medium 9-13 10-30 
dense 
dense 14-49 30-50 16-50 

very dense >50 >50 >50 

very soft <2 0-2 

soft <5 2-4 3-10 . 
medium 

5-10 4-8
Clay stiff 

stiff 8-15 11-30 

hard 11-30 >30 >30 

Boston Society of 
Civil Engineering 

O.D. 3" 

, 300 lg, falling 18 
(No of blows/foot) 

<8 

8-16 

16-55 

55-110 

>110 

<8 

8-16 

16-55 

55-110 

> 110 

CJ) 

E m z en 

m "0 
-I m 

"' zin. en 
~ 
z 
~ 
-I 
C: 
-I 

w 
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According to Stefanoff and Bejkoff (1974) in Bulgaria, 

the relative density of cohesionless soils is taken 

from Table 3.4. 

TABLE 3.A Relative density according to the 
Dynamic Penetration Test 
(Stefanoff and Bejkoff, 1974) 

Number of blows/DR 
10 cm 

0-1/3 <10 

1/3-7./3 10-25 

>2/3 >25 

According to the Polish standard, there exist relation-

ships between relative density N and N (SPT)20 30 
as shown in Table 3.5 (Wolski, 1974). 

TABLE 3.5 Relationship between DR, N and N (SPT).20 30(Wolski, 1974) 

DR N20 N30 

0.33 8 1 1 

0.66 25 20 

0.85 45 50 

According to Stenzel et al (1978) the density 

index (relative density) ID of cohesionless soils is 

combined by a logarithmic function with the number of 

blows per a defined penetration distance by the formula: 

where a, b = factors depending on type of soil 

NK = penetration resistance 

Based on this formula Borowcyk and Frankowski (1981) 

proposed the following formulas: 
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For light dynamic penetration (DPL): 

ID= 0.42 g lg N10 + 0.071 

For dynamic probing type B (DPB) 

ID= 0.441 lg N20 + 0.196 

For SPT-test 

ID= 0.441 lg N30 + 0.118 

These relationships are plotted in FIG 3.2~ 

lo 

09 DPL 
DPB 

08 SPT 
CPT 

07 

06 

05 

04 

03 

02 

01 
i I 
I I 

0 1 2 3 4 s 5 78910 20 30 40 ::/JN 
Number of blows N 

2 3 L. s 5 7 B 910 20 qc (M Pa} CPT 
Cone resistance 

Fig 3.2 Relation between density index ID and 
number of blows Nor cone resistance qc. 

According to some authors, these relationships are 

true for fine to medium and coarse-gravel sands with 

uniformity U < 3. 

For the same methods, the German standard DIB 4094 

gives the relationships in Table 3.6 
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TABLE 3.6 Density index ID in dependence of 
number of blows. 

Soil condition I = a+ b lg NK Type of penetro-D meter 

Sand 1 above 0.10+0.435 Heavylg N10 
ground water 0.10+0.365 Lightlevel lg N10 
u < 3 0.10+0.385 SPT 

-
lg N30 

3 < NK < 50 

Sand below 0.23+0.380 Heavylg N10
ground water 0.31+0.225 Lightlevel lg N10 
u < 3 0.18+0.370 lg N . 30 SPT3 < N < 50 

Schultze and Melzer (1965) presented a formula for 

determination of ID, taking into account the influence 

of vertical effective stress. 

ID= 0.317 lg N30 -0.22 p +0.392 + 0.067 
0 

where p = vertical effective stress. 
0 

3. 3. 3 Determination of shear strength (internal 
friction angle 0 ') 

The dynamic penetration test has also been used to 

determine the internal friction angle, ~•, of sands. 

Table 3.7 shows the relationship between internal 

friction angle of sand and results from SPT (by 

Meyerhof, 1956) ~nd from Swedish Dymamic Probing Test 

(by Bergdahl, 1974). 
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TABLE 3.7 Internal friction angle in relation 
to N and N •30 20 

Relative density N (SPT) <P ( 0) N2030 

Very loose <4 30 <5 

Loose 4-10 30-35 5-12 

Medium 10-30 35-40 12-35 

Dense 30-50 40-45 35-60 

Very dense >50 >45 >60 

In Greece, the SPT test is used to determine the internal 

friction angle of cohesionless soils as shown in Table 

3.8 (according to Tassios and Anagoustopoulos, 1974). 

TABLE 3.8 Internal friction angle <P' in relation 
to the SPT test in Greece. 

Relative density (SPT) <P I (0)N30I 
Loose <10 25-30 

Medium 10-30 30-32.5 

Dense >30 32.5-40 

According to Schmertmann (1975) the internal friction 

angle of sands can be roughly taken from Fig. 3.2. The 

<P~-values are not a~plicable for a deoth of SPT test 

less than 2 m (Schmertmann, 1975). 

C: 

i -- j 

-'- I - I 
i----+--+---------1,,£..__--'--~~--+---! 

C.5 -2.5 3.0 

l•,iq. 3.2 Relationship between <j)-values and 
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3.3.4 Determination of compressibility characteristics 

The dynamic standard penetration test (SPT) has 

been used to determine the compressibility character

istics of soils. In this method the compressibility 

based on the penetration resistance N is usually30 
expressed as an equivalent oedometer modulus E . 

s 
Correlations between Es and N are summarized in30 
Table 3.9 and Fig. 3.3. As seen in Table 3.9 and Fig. 

3.3, only the correlation developed by Schultze and 

Meltzer (1965) takes the overburden pressure into 

account. 

TABLE 3.9 Compressibility as indicated by Standard 
Penetration Resistance N30 . 

Referen ce Relati o 1l s=h=l~ ---- ~J)·_rc_s ____ na ~ls -· - -···· __ k_t..•m. 1__r h --._ 

Dry sand Pe netration t ests in C: o rrL'L1ti on cul· I Ii , 1, ·11t 
field a nd in t e s t = 0 . 7 10 tor 77 t , , ! .., 

v•246 .2 logN-263.4 p +375.6 ! 57.6 shaft . Comp r c!'> s ihi I ity
0 

ba se <l on e , e .ind
O< p < 1. 2 kg/cm 2 max. 

0 emi n. (Schu lt u• ,rn<l 
p • effective overbur ch:n pre:;;sure

0 Mo ussa, l 96 I) 

Webb (1969) Es• 5(N +15) tons/ft 2 Sa nd Sc re w Plat e Tes ts Below wat e r tabl e 

Es • 10/)(N+ 5) tons/ft ' Clayey sand ; ' 

Farrent E • 7.5 (l-µ 2 )N tons/ft 2 Sand Te rz aghl a nd Pe c k 
s

(1963) loadin g set tl e me nt 
µ • Poisson's ratio· 

c urves 

Begemann Es • 40 + C(N-6) kg/cm 2 N > 15 Silt with Used in Greece 
(1974 l sand to

Es • C(N+6) kg/cm 2 N , 15 
gravel 

C • )( s lit with sand) to with sand 
12(gravel with sand) 

Trof imenkov E • (350 to 500) logN kg/cm 2 Sand USS R practi c e 
(1974) 

Meyerhof S • p/s /2N inches Sa nd and Analysis of field Ja ta Conservative estimate 
(197 4) g rJv~I uf Schultze and She rif of maximum settl e mc nl 

S • p/s /N l nches Si lty sa nd (197 ')) of shJ li ow founddLiuns 

pin tons/ft 2 
, B in inches 

Not~ : N l~ penetration resistance in blows pe r 30 cm. (blows/ft . ) 
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800 
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cf 600 

0 
9 

1 400 

w 
~ 

"' 300::, 
..J 
::, 
0 
0 
2 

200 

100 

STANDARD PENETRATION RESISTANCE - 8LOWS/30cm 

Fig 3.3 Relationship between compressibility 
modulus and standard penetration resistance. 

In Bulgaria the modulus of deformation Eis determined 

from the light dynamic penetration test by the following 

relationships (Stefanoff and Bejkoff, 1974). 

E = 8 N10- 9 for gravel - sand 

N10+3E = 6.5 for sand 

E = 6.7 N +24 for clayey sand10
E = 4.3 N -27 for sandy clay10
E = 4 - 1 1 for clayN10 

3.3.5 Determination of bearing capacity 

In Sweden, the allowable ground pressure for spread 

footings is sometimes determined from dynamic probing 

test. This is performed when, besides the dynamic 

probing test, no other penetration test for one reason 

or another can be carried out. 
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TABLE 3.10 Allowable ground pressure for spread 
footings according to dynamic probing 
test results. 

Number of blows/ Maximum allowable 
0.2 m pressure (kPa) 

5-7 100 

10 200 

20 300 

Tassios and Anagnostopoulos (1974) proposed the relation

ship between allowable ground pressure and N (SPT).30 

= qa a•N30(SPT)/ 10 

Cl = 1 . 0 for dry sand 

Cl = 2/3 for moisty sand 

According to Meyerhof 0956) the allowable load of footings 

can be evaluated from N (SPT) (N =number of blows per20 20
20 cm penetration of SPT) by the following formula: 

= N (SPT)/8 for B < 1. 2 mqa 20 
= N (SPT) (1+1/B)2/12 for B > 1. 2 mqa 20 

where = allowable load, ton/sqftqa 
= number of blows/0.2 mN20 

B = width of footing, m. 
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4. FACTORS INFLUENCING THE RESULTS 

The results from the penetration tests are influenced 

by numerous factors, for example penetration equipment, 

test procedure and soil condition. The factors for 

penetration equipment and test procedures are listed 

in Tahle 4.1. 

TYPE 

Static Cone: cross sectional area, apex angle, 
Standard Point: inner and outer diameter of theCone length of mantle, shape of part between 
Penetra- sampler, length, angle of the cuttingPenetro- rod and point, roughness of point. 
tion edge, inner and outer roughness.meter F . . . .riction s 1eeve: 1ocation, length, dia- Test 

Rods: diameter, hollow or solidmeter, roughness 
_!:Ia=~: weight, length, diameter and~: diameter, straightness, outer dia
spacing between guiding rod and themeter of coupling 
hammer 

Test procedure: speed of penetration, 
Fall: height, free fall or slip ropeinterruptions in the driving, continuous 
release of the hammer, tolerance inor discontinuous operation, rotation of 
height of fallrods, mode of pressing e.g. screw or 

hydraulic jack. Casing: inner and outer diameter 

Test procedure: excavation of the bore
Dynamic Point: cross sectional area, length Lf hole, measuring procedure (where the 
Penetro- mantle, apex angle, shape of part 30 cm of penetration should be taken), 
meter between rod and point, roughness of number of blows per minute, mode of 

point. driving casing 

Rods: diameter, hollow or solid, 
straightness, diameter of coupling (if 
other than the diameter of rods) 

Anvil: weight, co·.r::iling to the rods, 
weight of guiding rod, cushion 

Ha.:rnmer: weight, length, diameter and 
spacing between guiding rod and hammer 

~: height, free-falling hammer or 
slip rope release, tolerance in height TABLE 4. 1 List of factors for
of fall 

penetration equipment and test 
Test procedure: number of blows per procedures influencing the test
minute, interruptions (for splicing, results (from ESOPT, 1974).lunch etc), rotation of rods, use of 
slurry or casing, torque measurements 

For the Swedish penetration test similar factors as 

for the static cone penetration test can be considered. 

These factors can be disposed by local exper:iencesduring 

usage of different equipments and finally by standard

ization of the penetration tests. In order to limit the 

number of penetrometers, the following methods are re

commended for standardization by the Subcommittee on 

Standardization of Penetration Testing in Europe. 

SGI nr 198 Klintland Grafiska, Unkoping 1981 



46 STATENS GEOTEKNISKA INSTITUT 

- Cone Penetration Test (CPT) 

- Dynamic Probing Test (type DpA and DpB) 

- Standard Penetration Test (SPT) 

- Weight Sounding Test (WST) 

The work on standardization of penetration testing 

should be continued and future research concerning 

penetration testing should be performed. The following 

subjects in future research 

4.1 Cone penetration test 

Influence of the geometry of the penetrometer tip 

on the penetration resistance. 

Influence of the penetration rate on the measure

ment of pore water pressure etc. 

Influence of the location of the friction sleeve 
on the penetration results. 

Influence of the base dimensions on the -cone 

resistance (for the same geometry of the penetrometer 

tip). 

Influence of the roughness of the cone and the 
friction sleeve. 

4.2 Dynamic penetration test 

Influence of cushions on the penetration test results 
in different soil types. 

Comparison of the friction along the rods measured 

by rotation of the rods (using couplings) in different 

soil types. 

Development of methods to measure the point resistance 

in-situ. This can be done directly at the point or 

indirectly by studying the reflected stress waves at 

the surface. 

The relationship between the dynamic point resistance, 

the static point resistance and the bearing capacity 

of a pile. 
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The relationship between dynamic point resistance 

and the penetration resistance from SPT. 

The influence of the ground water table on the pene

tration.results. 

Comparison between results obtained from light and 

heavy dynamic penetrometers under identical con

ditions. 

4.3 Weight sounding test 

A comparative study of the weight sounding test and 

other penetration tests in order to get correlations 

for different soils. 

- The relationship between the penetration resistance 

and the bearing capacity and the settlement of spread 

footings and piles. 

It should be noted that, in comparative studies, the 

penetration tests should be performed with at least 

one recommended penetration test. 

It has been found that the influence of soil conditior 

on the penetration test results is more important than 

the influence of equipCTent and test procedure. The 

influence of soil condition has been introduced but 

is difficult to use ln the interpretation of the 

penetration test results. 

An influence of stress history on penetration resistance 

has been found. The penetration resistance depends on the 

degree of consolidation. Research and tests have 

shown that, due to the consolidation caused by previous 

overburden pressure at some relative depths, the pen

etration resistance in overconsolidated soils is higher 
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than in normally consolidated soils. The penetration 

tests can not be used to determine the overconsolidation 

pressure in cohesionless soils. The static penetration 

test can be used for estimating the overconsolidation 

ratio (OCR= o '/ o ') of clav s. For this purpose, the un-c O · 

drained shear strength c is determined based on the u 
static penetration resistance q . Then the 

C 

c / 0 1 -ratio is calculated and finallv the relationship be-u O ~ 

tween c / o '-ratio and OCR is established
U 0 

The effective stress has a significant influence on 

the pene tration resistance. In general, if every thing 

else is equal, the greater overburden pressure, the 

greater penetration resistance. Recent research has 

shown that the horizontal effectiv e stress may hav e a 

more important effect on the penetration resistance 

than the vertical effective stress. 

The effective stress is closely related to the pore 

pressure, so if the importance of the influence of 

effective stress on the penetration resistance is re

cognized, the importance of the influence of pore pressure 

should also be recognized. As we know, due to advance of 

the penetrometer into the ground, the pore pressure 

changes and therefore leads to changes in the effective 

stress condition surrounding an advancing penetrometer. 

A significant positive pore pressure is generated during 

driving the penetrometer into such soils as loose sands 

and normally consolidated clays, and this will lead to 

a decrease of the effective stress in-situ and thus a 

decrease in the penetration resistance. Similarly, the 

generation of negative pore pressure, in dense sands 

and highly overconsolidated clays, will increase the 

penetration resistance. Comparisons between pile driving 

and penetration tests have shown thatthe positive pore 

pressure during driving of a dynamic penetrometer is 

significantly greater than during driving a static pene

trometer but significantly less than during pile driv ing 

(Schmertmann 1974, 1975). 
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The pore pressure effects differ in different soils, 

so we can use them as a tool to help identifying 

different soil types and to evaluate the pore pressure 

effects. According to Schmertmann, the evaluation of 

the pore pressure effects on the static penetration 

resistance (qc and fs) can be performed as follows: 

During the test the rate of penetration is decreased 

until no longer a change in q is observed. In this 
C 

case it may be assumed that any pore pressure effects 

have become neglectable and that the case is a drained 

one. Conversely, the rate of penetration can be in

creased until a limit when a further increase of the 

rate does not change q and assume this as an undrained 
C 

case. 

The penetration resistance decreases when the ground 

water table is crossed (Mitchell and Gardner, 1975). 

Dahlberg et al (1974) found that the static cone re

sistance dropped from 40 to 50 percent when going from 

the capillary zone to submerged sand. 

4 . 4 . Skin friction resistance 

The basic idea of penetration tests is to drive a rod 

into the soil, usually vertically,measure the resistance 

required to produce the driving and interpret this 

resistance in terms of different geotechnical charac

teristics. The penetration resistance is expressed in 

different terms depending on the type of penetrometer. 

For weight sounding tests the resistance is determined 

by the weight of load and the number of halfturns per 

20 cm penetration. For dynamic penetration tests the 

number of blows per definite penetration, usually 10, 

20, 30 cm penetration is expressed. In static penetration 

tests, the resistance is determined by the force 
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required per definite penetration, usually 20 cm. 

The penetration resistance consists of the point 

resistance and the skin friction resistance. The 

penetration resistance depends on the soil type, the 

equipment and the test method. From the beginning al

most all penetrometers measured only the total re

sistance. Experience shows that, in many soil types the 

skin friction along the penetrometer rods is a signifi

cant part of the penetration resistance. Therefore 

separation of the total resistance into point and skin 

friction resistance has been much worked upon and this 

has resulted in many new types of equipments. 

For static penetrometers, the skin friction along the 

rods is usually determined by using slip couplings and 

by electrical methods. 

For dynamic penetrometers, the skin friction can be 

determined by two methods: by rotation of the rods and 

by using slip couplings. In the rotation method, the 

torque necessary to turn the rods at different levels 

is measured and skin friction along the rod is expressed 

in termsofatorque-moment. In the method using slip 

couplings, atevery one metre the penetrometer rod is with

drawn a definite distance from the point and redriven, and 

so the skin friction resistance along the rod is 

measured. Recent research has shown that the skin friction 

by turning differs from the one by redriving. According 

to Bergdahl and Dahlberg (1974) the skin friction along 

the rods, expressed in terms of number of blows/20 cm 

of penetration can be calculated from the torque re

quired to turn the rods by using the following formula: 

N = 2 M:sz:•e 
skin Dm0 gah 

where N = skin friction resistance along the rodsskin in blows/20 cm of oenetration 
M-- = measured torque-v 
e = penetration of the rods 

D = diameter of the penetrometer rods 

mo = weight of the hammer 

g = acceleration due to gravity 
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a = efficienty factor 

h = height of fall 

From experience it is found that the skin friction along 

the rods in blows/20 cm measured by driving is usually 

greater than the value calculated from measured torque. 

According to Bergdahl and Moller (1981) the difference 

is: 

N ;::; 2 N in sand m C 

N ;;; 4 N in clay
m C 

where N = skin friction along the rods in blows/20 cm m directly measured 

N = skin friction along the rods in blows/20 cm 
C calculated from measured torque. 

SGI nr 198 Klintland Grafiska, linkoping 1981 



52 

STATEN$ GEOTEKNISKA INSTITUT 

ij • 5 REFERENCES 

Amar, S., Baguelin, F., e t al, 1972. Some problems on 

in-situ measurement of the shearing resistance in 

fine soil. Proceedings of conference on Soil Mechanics 

and Foundation Engineering, Vol 2, Istambul. 

Amar, S., Baguelin F. et al, 1975. In situ shear resistance 

of clay s. Proceedings conf on In-situ Measurement of 

Soil Properties, Vol 1, North Carolina. 

Begemann, H., 1965. The friction jacket cone as an a id 

in determining the soil profile. Proc, 6th ICSMFE, 

Vol 1. 

Begemann, H., 1974. Central and western Europe. General 

report, ESOPT, Vol 2:1, Stockholm. 

Bergdahl, U.B., 1977. The use of penetrometer in Sweden. 

SGI, Linkoping. 

Bergdahl, U.B., 1979. European standard on penetration 

testing - a necessity . SGI, Linkoping. 

Bergdahl, U.B. and Moller, B., 1981. The static-dynamic 

penetrometer. Proc, 10th ICSMFE, Vol 2, Stockholm. 

Borowczyk, M. and Frankowski, z., 1975. Wl a snosci 

Fizyczno - Mechaniczne Grunt6w Stabonosny ch Olcreslane 

M2t0dami Polowymi. Archiwum Hydrotechniki, Tom XXII, 

Zeszy t 3-4, Warszawa. 

Borowczyk M. and Frankowski Z., 1981: Dynamic and static 

sounding result interp retation. Proc. 10th ICSMFE, 

Vol 2, Stockholm. 

Broms, B.B., 1974. Scandinavia. Genera l report, ESOPT, 

Vol 2:1, Stockholm. 

Broms, B.B., 1981. File Foundation. General Report Proc. 

10th ICSMFE, Stockholm. 

Durgunoghe, H. and I.K. Mitchell, 1975 ~ Static penetration 

resistance of soil: I. Analusis, II. Evaltuation of 

theory and implications for practice. 

SGI nr 198 Klintland Grafiska, LinkOping 1981 



53 
STATEN$ GEOTEKNISKA INSTITUT 

Eriksson, U., 1981. Jordparameterbestamning ur sonderings

resultat. Litteraturstudie. SGI, Linkoping. 

Gorman, T., 1975. IMSP disucssion, Vol 2, ASCE, German 

Standard DIB 4094. 

Janbu, N., 1975. In situ measurement of shear strength. 

IMSP discussion, Vol 2, ASCE. 

Jones, G.A., 1975. Deep sounding - its value - as a 

general investigation technique with particular 

reference to friction ratios and the accurate deter

mination. Proc 6th Reg.Con£. for Africa on SMFE, 

Durban, Africa. 

Massarsch, R.K., Broms, B.B. and Sundquist, O., 1975. 

Influence of rod rotation on the penetration resist

ance in friction soils. Vag- och vattenbyggaren 8-9, 

Stockholm. 

Meyerhof, G.G., 1974. Outside Europe. General Report, 

ESOPT, Vol 2:1, Stockholm. 

Mitchell I.K. and Gardner, W.S., 1975. In situ Measure

ment of volume change characteristics, Proc. IMSP, 

Vol 2, ASCE, North Carolina. 

Moni, H., 1981. Soil Exploration on sampling. General 

Report, 10th ICSMFE, Stockholm. 

Osterberg, J.O., 1975. In situ measurement of soil pro

perties. ISMP discussion, Vol 2, ASCE. 

Searle, I.W., 1979. The interpertation of Begemann 

friction jacket cone results to gire soil types and 

design parameters. Proc. 7th Europ.Conf. SMFE, Vol 2, 

British Geotechnical Society, London. 

Schmertmann, J.H., 1974. Penetration pore pressure on 

quasi-static cone bearing. Proc ESOPT, Vol 2:2, 

Stockholm. 

SGI nr 198 Klintland Grafiska, LinkOping 1981 



54 STATENS GEOTEKNISKA INSTITUT 

Schmertmann, J.H., 1974. Pore pressures that produce 

non-conservative q data. ESOPT discussion, Vol 2:1,
C 

Stockholm. 

Schmertmann, J.H., 1975: Measurement of in situ shear 

strength. Proc.Conf. IMSP, ASCE, Vol 1, North Carolina. 

Smith, P.D., 1975. The cone penetrometer for foundation 

design investigation. Report, New York State Depart

men of Transportation. 

Trofimenkov J.G., 1974. Eastern Europe. General report, 

Proc. ESOPT, Vol 2:1, Stockholm. 

Vesic, A.S., 1972. Expansion of cavities in infinite 

soil mass. Jour SMFE, SM-3, ASCE. 

Vesic, A.S., 1975. Principles of pile foundation design. 

ASCE, Duke University, North Carolina. 

SGI nr 198 Klintland Grafiska, Unkoping 1981 



55 

II. VANE TEST 

The shear strengthofasoil is a basic parameter used 

in the stability calculations for many structures, 

such as: 

- embankments on soft soil 

- slopes 

- foundation, etc. 

For this reason, many methods and apparatuses have 

been proposed for determining this property. The shear 

strength of soil can be determined in laboratory tests, 

such as simple compression, shear box test, 

triaxial test, fall-cone test. The shear strength 

can also be evaluated from in situ tests, for example 

from vane test, static penetration test or pressure

metric test, etc. 

In many cases laboratory tests for one reason or 

another can not be performed, the in situ tests there

fore become the methods for determining shear strength. Among 

the in ·situ test methods the· vane test has been con-

sidered a reliable method for determining undrained 

shear strength of soft clays. Compared with other 

methods, especially with laboratory tests, the vane·test 

has the following advantages: 

- gives highly accurate ;and reliable results 

- lower cost 

- rapid method 

- operation is easy. 

The vane test has been developed since 1950 by Cadling 

and Odenstad. The method has been used mainly in 

Scandinavia but is now more widely used all over 

the world. Due to many advantages, the vane tester is now 

considered to be a simple tool which gives a direct 

and accurate measure of in the situ undrained shera strength 

of soft clay. At the beginning Cadling and Odenstad 

assumed that the vane shear strength would not require 

SGI nr 198 Klinlland Grafiska, Linkoping 1981 



56 

any reduction. However, research showed that the 

shear strength measured in the vane.test is not corre

sponding to. the real. shear strength of clay. Almost 

all of the research shows that the shear strength 

measured in field vane tests in some clays has to be 

reduced in order to correspond to the real shear 

strength of the clays. This has made the vane a more 

reliable tool for determination of undrained shear 

strength than it was before. 

The undrained shear strength from vane test Tv can be 

calculated by the following equation (Schmertmann, 

1979): 

2M
Tv = 

3 H a)TID (- + -D 2 

where 

Tv = vane undrained shear strength 

M = maximum torque 

~ = height of vane 

D = diameter of vane 

a = factor that depends on shear distribution assumed 

at top and bottom of vane-generated failure 

cylinder 

a= 2/3 if uniform (usual assumption) 

a= 3/5 if parabolic 

a= 1/2 if triangular 

According to Hansbo ( 1975) the undrained shear strength 

from a vane test is illustrated by Fig. 5.1. 
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If H = 4r = 2D 

6Mmax = 0.273 Mmax
Tvane = 7nD 3 D 3 

where 

undrained vane shear strength'vane = 
= shear strength at the ends' h 
= shear strength along cylinder' V 

Mmax = maximum torque 

r = radius of vane 

D = diameter of vane 

H = height of vane 

There exists different equipments and methods for vane 

test. In general, there are at present three common 

methods for vane test. 

1. The vane test is carried out at the bottom of a bore-

1 hole. In this method the rods are fixed with a measuring 

unit on the ground surface (similar to Acker vane). 
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2. The vane and the rods are protected by a special sheath. 

All these parts of equipment are pushed into the soil 

like a large penetrometer to a depth just above the planned 

test depth. Then the operator pushes the vane into the 

undisturbed soil below and carries out the test. 

3. The vane and the rods are pushed into the soil to the 

planned test depth like in a static penetrometer t~$t. 

Between the vane and the rods there is a special 

joint that can separate the two parts. The 

operator rotates, at first only the rods then the 

rods and the vane. He later subtracts soil-rod 

friction from the total torque to obtain the torque 

required to turn the vane only. 

Moreover, a vane test with small size of equipment 

has been developed. The inspection vane borer is 

designed by Geonor (Norway) to measure the in situ 

undrained shear strength of clay in trenches and 

excavations at a depth not influenced by drying and the 

excavation procedure. In 1981 SGI developed a new 

light and portable equipment for vane test. The total 

weight is 10 kg and with this equipment one person 

can perform both soil sampling and vane shear test. 

The Nilcon equipment is one of the light portable 

equipments for vane test. 

In Sweden two different types of device for vane tests 

are used: type SGI and type Geotech. Vane type SGI 

(Fig. 5.2). 

The blades of the vane are protected by a sheet and 

the rods are protected by a casing. By the measuring 

head the maximum torque is measured and from that the 

shear strenght of the soil is calculated. 
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Fig. 5.2. Field vane type SGI. 

Vane type Geotech (Fig. 5.3) 

Rods are not protected. The blades of the vane are 

connected with the rods by a special slip coupling so 

that the skin friction along the rods can be eastimated. 

The shear strength is calculated from a diagram drawn 

by the measuring head. 
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Fig. 5.3. Field vane type Geotech. 

The vanes type SGI and type Geotech have different 

advantages and limitations concerned with the design 

construction. 

The main advantage of the vane type SGI is that the 

blades of the vane are protected by a sheet and the 

rods by a casing. Thanks to this advantage the fric

tion along the rods is fully eliminated and it can be 
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said that there is no influence of adhesion to the 

blades on the results. However, by using casing and 

sheet the vane type SGI has some limitations. The 

increase of area and diameter of the vane due to the 

casing and the sheet unables vane penetration into 

relatively hard clays. Thanks to thicker blades and 

without casing or sheet the Geotech vane can be used 

in clays with a relatively high shear strength. Al

though the friction along the rods can be evaluated 

by using a special slip coupling, in some cases this 

friction along the rods may affect the results obtained 

from the Geotech vane. 

The measuring head of the Geotech vane is a main 

advantage of this device. By this measuring head the 

shear strength is presented on a diagram curve. By 

the curve we can recognize the type of soil (clay or 

silt). For instance, if the curve falls quickly from 

the T-peak the tested soil is clay. In silt the curve 

falls slowly after the T-peak. The shear strength 

measured from the SGI vane is calculated from the 

maximum torque read by the measuring head. In this case 

we can only know the value of the shear strength and 

the type of soil is impossible to recognize from the 

readings. 

From advantages and limitations of the two types of 

vane it is a good idea if we use the advantages of 

both the SGI and the Geotech vane devices. A good and 

reliable vane device therefore should consist of the 

SGI vane part (blades with sheet and rods with casing) 

and the Geotech measuring head. Fig 5.4. 
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Fig. 5.4. Field v~ne combination of SGI and 
Geotech type. 

5.1 Influence of various factors 

For interpreting the results of vane tests it is 

necessary to know the shape of failure produced in the 

soil by the rotation of the vane. It is also necessary 

to know the factors affecting the results of the vane 

tests. 
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5. 1 . 1 ShaEe_of_failure 

It has been known that when the vane is rotated, the 

stress is distributed into the clay at a cylindrical 

surface and at the end surfaces of the cylinder. The 

vane failure is generated at both the cylindrical sur

face and the end surface. According to this assumption, 

the vane shear strength is expressed by the following 

formula: 

where 

Tvane = vane shear strength 

Th = shear strength along the cylindrical surface 

Tv = shear strength along the end surface 

5.1.2 Influence of various factors 

The results from vane test are influenced by different 

factors. The following factors are considered important. 

- for designed equipment 

• vane dimensions 

• number of wings 

• length of the vane shaft 

- for test procedure 

• rate of rotation 

- for soil condition 

• effective stress 

• stress history 

• anisotropy 

5.1.2.1 Number of wings 

According to Cadling and Odenstad (1950) a small number 

of wings can favour a progressive failure causing the 

maximum torsional moment to be smaller. On the other hand 

the disturbance of the clay is increased and thus the 

maximum torsional moment is also decreased if using 

a great number of wings. So it is necessary to find a 
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certain definite number of wings. Through experience 

there seems to be a world wide agreement to use four 

wings for a vane (Odenstad and Cadling, 1950, Schmert

mayn, 1 9 7 5) . 

5.1.2.2 Length of the vane shaft 

The disturbance zone of the clay around the borer 

occurs due to driving of this borer. Fig 5.5 shows 

schematically the disturbance zone according to 

Cadling and Odenstad (1950). 

Fig 5.5 Disturbance caused by the casing pipe at 
the lower end of the borer, shown sche
matically. 

The size of the disturbance zone depends on the size 

of the borer, that means on the diameter of the casing 

piped and the length of the vane shaft h. Cadling 

and Odenstad proposed that the length of the vane 

shaft his made 5d (h = 5d) based on test results 

as shown in Fig 5.6. 
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Fig 5.6 Average shear strength values corresponding 
to different lengths of the vane shaft. 

5.1.2.3 Vane dimensions 

Cadling and Odenstad found that the vane dimensions 

do not influence the results from the vane test. They 

compared results of maximum torsional moment between 

different vane height Hand different ratio~ (D = 
D 

diameter of vane) and found that the difference in 

results between H = 300 mm and H =200 mm is approxi

mately equal to the difference between H = 200 mm and 

H = 100 mm. The comparison is shown in Fig 5.7. 
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Fig 5.7 Vane test results according to vane dimen
sions. 

The ratio ii= 2 has seemed to be widely used all over 

the world. 

The vane blades also affect the results from the vane test. 

Due to vane insertion, the vane causes a disturbance 

around it as shown in Fig 5.8. 
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Fig 5.8 Disturbance around the vane blades and 
influence of blade thickness on 'f• 

Fig 5.8 also shows the influence of blade thickness on 

ti.11.e undrained shear strength measured in the vane test. 

However, effect of disturbance around the vane may 

be regarded as a factor which does not influence the 

results (Amar et al, 1975). 

5.1.2.4 Rate of rotation 

The rate of penetration of the penetrometer and 

the rate of rotation of the vane test apparatus are 

factors affecting the value of vane shear strength. 

According to Odenstad and Cadling, the maximum torque 

decreases with decreasing rate of rotation. They 

found that the rate of rotation of 0.1 degree/sec 

seems to be a practical lower limit for turning by 

hand without any gearing. This rate is used in labo

ratory vane apparatus in England. This rate of rotation 

was suggested by Skemptonet al (1948_). Kirkpatrick 

and Khan (1981) have found that a rate of rotation 

of about 6°/min (the same rate suggested by the 

above-mentioned authors) is a suitable rate of the vane 

test. 
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5.2 Correction of undrained shear strength 

from vane test 

Of all the field tests for determining the undrained 

shear strength, the vane test has been the most common

ly used because of its simplicity and low cost. At 

the beginning of its introduction, Cadling and Oden

stad (1950) assumed that the vane shear strength would 

not require any correction. However, research 

shows that the shear strength measured in a vane test 

is not corresponding to the real shear strength of 

clays. Observations from failures of slopes, embankments 

and loading tests show that the vane shear strength 

of soft clays, especially of organic and high-plastic 

clays, has to be reduced in order to correspond to 

the real shear strength of clay. 

There are some different methods for correcting un

drained shear strength of soft clays. In general, 

there are two groups of methods for the correction. 

In the first group one attempts to model the field be

haviour via consolidated-undrained tests performed 

with different stress histories and modes of failures. 

The second group develops an empirical correlation between 

soil type, in situ test method and type of stability 

calculation. For field vane test the second group of 

methods is commonly used. In the second group there 

exists different methods for correcting undrained 

shear strength measured in vane test. The authors have 

used some soil characteristics such as liquid limit, 

plasticity index, ratio of vane shear strength to 

effective overburden pressure. Representatives for this 

method are Bjerrum, Hansbo, SGI and others. Other 

authors such as Pilot and Aas have used the theoretical 

factors of safety by dividing it with an empirical 
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factor of safety at failure. In this method the 

physico-mechanical characteristics such as the liquid 

limit ortheTv/ 0~-ratio are used as a basis for the 

correlation and then should be calculated as a mean 

value for critical slip surface. It should be noted 

that, internationally the plasticity index is common

ly used as a parameterinanempirical relation, but in 

Swedish practice the liquid limit is often used. 

Practice and research have shown that the shear strength 

obtained from a vane test is often too high, so it 

should be reduced in order to correspond to the real 

in situ shear strength of the soil. Therefore the cor

rection of the vane shear strength is now known as a 

reduction. If the real in situ shear strength and the 

shear strength measured in vane tesIB are respectively 

denoted as Tfu and Tv the real in situ shear strength 

is determined by the following equation: 

Tfu = µ • Tv 

where 

µ=reduction factor that is smaller than 1.0 

Some methods for reducing the undrained shear strength 

measured in vane test are presented below. 

In Swedish practice the reduction of the shear strength 

from a -vane test is made only in organic and plastic 

clays. Based on the organic content in clay, the Swedish 

Geotechnical Institute (SGI) (1969) recommended 

the reduction factorµ for vane shear strength tobe 0.8 

for organic clay and 0.6 for gyttja (ooze). 

For Scandinavian clay, Hansbo (1957) proposed the 

relation 
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where 

Tv = vane shear strength 

a~ = preconsolidation pressure at the same depth 

wL = liquid limit 

This reduction has often been used as a supplement 

to oedometer tests by Swedish engineers. However, 

Larsson and Viberg (1967) showed that the scatter in 

Hansbo's relation was significant. Larsson (1980) also 

showed that Hansbo's relation is only valid for 

the undrained shear strength measured by vane test in 

one special clay. According to Larsson a typical 

scatter is ~20% of the empirical undrained shear strength 

from Tv = o~(0.45 wL) but can be +50% or more for 

Swedish clays. 

SGI (1970) proposedareduction factor µ for the vane 

undrained shear strength based on cone liquid limit 

as expressed in Table 5.1. 

TABLE 5.1 Reduction factors according to liquid limit. 

cone liquid limit reduction factor 
WL ( % ) µ 

80 - 1 00 0.9 

100 - 120 0.8 

120 - 150 0.7 

150 - 180 0. 6 

> 180 0.5 

According to Larsson (1980) this reduction is too small 

and can be considered as a miminum correction. 

As seen in Table 5.1 the undrained shear strength from a 

vane test should not require any reduction for a clay 

with WL < 80%. 
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The empirical relation for the undrained shear strengths 

measured by the field vane, Tv' proposed by SGI is 

expressed as follows: 

0 1T = 0.35 
V 0 

In this case the reduction of the undrained shear strength 

is obtained by the following simple formula: 

0.30 
]J = T /0 1 

V 0 

and the reduced shear strength should be: 

T = 0.30 0 1 

fu o 

Because the T /o'-ratio depends on the test depth it 
V 0 

is more correct to use the expression 

tn 
V 

T = . a' (Helenelund, 1977)fu ;;;;. 0 
0 

If the T /o'-ratio is used as a basis for the reduction 
V 0 

(instead of the liquid limit used in Table 5. 1) the re-

duction factors according to the formula 

0.30 
]J = T /o'

V 0 

have values as shown in Table 5.2 (Helenelund, 1977). 

TABLE 5.2 Reduction factors according to Tv/00-ratio. 

Reduction factorsTv/00-ratio 
]J 

0.30 - 0.35 0.90 

0.35 - 0.40 0.80 

0.40 - 0.475 0.70 

0.475- 0.55 0.60 

0.55 - 0.65 0.50 

0.65 - 0.85 0.40 

> 0.85 0.30 
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Bjerrum (1972, 1973) deduced the relation between the 

reduction factor and the plasticity index Ip based on 

a comprehensive study of reported failures in soft 

clays in different parts of the world. Bjerrum's 

reduction factor is presented by the following equation: 

1 • 2 
).l = 

where Ip= plasticity index= Ip%/100. 

If the liquid limit is used for reduction according 

to Helenelund (1977), Bjerrum's reduction factor 
is taken from Fig. 5.9. 

LIOU ID LIMIT WL OR WF % 

::i 1.0 
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a:: 
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u 
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u 06 
::::i 
0 
w 
a:: 

0.5 

Fig 5. 9 The reduction factor as a function of the 
liquid limit accordjng to Bjerrum,and·SGI 
(Andreasson, 1974). 

In Fig 5.9 the SGI reduction factor (Andreasson, 1974) 

is also plotted. As seen in Fig 5.9, according to SGI, 

the clay with WL < 80% would not require any reduction 

while according to Bjerrum the reduction should be 

made for clay even with WL < 50%. 

In general the µ-v~lues recommended 

by Bjerrum are greater than those recommended by SGI. 

However, the differences between the reduction factors 

recommended by SGI and Bjerrum are considerable for 

SGI nr 198 Klintland Grafiska, Link6ping 1981 



73 STATENS GEOTEKNISKA INSTITUT 

clays with low liquid limit (wL < 120%) but for clays 

with high liquid limit (wL > 120%) the difference is 

rather small. It should be noted that according to 

SGI the reduction is used for organic and plastic 

clays but Bjerrum proposed to use the reduction for 

both organic and inorganic clays. 

By a study of five embankment failures on soft soil 

Pilot (1972) found that the factor of safety at 

failure depends on liquid limit and plasticity index 

of the soil and increases with an increase of both 

these parameters. According to Pilot the factor of 

safety at failure Fsf can be calculated by the follow

ing formulas: 

Fsf = 0.6 WL + 0.70 

Fsf = 0.7 Ip+ 0.90 

where 

wL = liquid limit= wL%/100 

Ip= plasticity index= Ip%/100. 

In this case, the reduction factor for shear strength 

from vane test is expressed by the formulas: 

1 µ = 0.6 WL+0.7 

1and µ = 0.7 Ip+0.90 

Aas (1976) used the Tv/06-ratio in his relatfonship 

in a similar method of liquid limit or plas-

ticity index: 

Fsf = 2.7 Tv/00 + 0.38 

where 

Tv = mean (uncorrected) vane shear strength 

o~ = mean effective overburden pressure in the 

critical slip. 
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Therefore the reduction factorµ is determined by the 

formula: 

2.6µ = = 
1+7 Tv/00 

By a comparison of different methods for reducing un

drained shear strength Helenelund (1977) proposed 

that, the reduction factorµ can be evaluated from 

the following formulas: 

- The reduction factor according to wL 

1 • 5 
µ = 

1 + WL 

- The reduction factor according to Tv/00-ratio 

2.6 
µ = 1 + 7 Tv/0o 

These reduction factors are shown in Fig 5.10. 
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Fig 5.10. Combined method for determination of the 
reduction factorµ. 
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According to Helenelund, the evaluation of the reduc

tion factors depends on theTv/oo-ratio. If 

Tv/o0 ~ 0.10 + 0.25 wL, theµ value can be evaluated 

as a function of liquid limit or by using the wL-scale 

in Fig 5.10. If the Tv/o0-ratio is greater, the µ

value should be evaluated on basis of the Tv/o~

ratio or by using the Tv/o~-scale in Fig 5.10. 

Figs 5.11 and 5.12show the undrained shear strength 

determined in vane test recommended by different 

authors for different clays. These figures are plotted 

with two general relationships: relationship between the 

Tv/ o0-ratio and the liquid limit WL (Fig 5 _11) and relation-

ship between the 1 /0'-ratio and the plasticity index 
V 0 

Ip (Fig. 5.9). 

T:vto'p 
x DATA FROM BJERRUM(1954) 

• DATA FROM HANSBO( 1957) 
o DATA FROM KARLSSON 8 VI BERG ( 1967) 1.0 
o BANGKOK CLAY ( BJ ERRUM 1973) 
• KALIX SVARTMOCKA ( HOLTZ & HOLM 1973) 

o VALEN ORG. CLAY 8 
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Fig. 5.11. Relationship between the T /o'-ratio and 
the liquid limit wL (aftervLa~sson, 1980). 
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Fig 5.12 Relationship between the Tv/06-ratio and the 
plasticity index Ip (after Larsson, 1980). 

It should be noted that in Figs 5.3 and 5.4 almost 

all data come from Scandinavian clays. These clays 

are normally or only slightly overconsolidated and 

contain a varying organic content. 

For organic clays with wL = 65% and Ip= 34%, Ladd 

and Foott et al (1974) have reported a correction 

factor of 0.485 for the undrained shear strength 

measured in the vane test and for organic Valen clay with 

wL = 120% and Ip= 80% the correction factor is 0.39. 

With the above-mentioned reduction factors proposed 

by different authors it has been found that the re

duction factors are different for different soils. 

There is no general correction for all clays. Many 
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authors have found that there is a considerable scatter 

in the µ-value. However, according to Ladd (1975) 

this scatter is small compared to the several field 

variations. From the above-mentioned reasons it should 

be noted that it is very important to choose the 

correction factors for undrained shear strength obtained 

from field vane test. As the soil conditions vary 

considerably in different parts of the world, the 

local or personal experience plays a great part in 

the choice of correction factors. 
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IJ;:I. PORE PRESSURE PROBE 

The determination of pore pressure is very important 

for calculating slope stability and settlements in 

cohesive soil. The measurement of pore pressure is 

usually used to determine: 

- the geological profile of soft clay 

- the in situ eh-value (coefficient of con-
solidation of soil 

- equilibrium pore pressure at different depths 
in a permeable soil 

ground water pressure changes in construction 

- soil properties 

- relative density. 

The devices suited for these purposes are the BAT 

pore pressure probe and the BAT piezometer. 
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Pore pressure 

Fig 6.1 BAT pore pressure probe. 

6.1 Applications of measurement of pore pressure 

6.1.1 The identification of soil layers 

The first use of the pore pressure probe is the identi

fication of layers of soft soil. The device utilizes 

the generated pore pressure when the probe penetrates 

the soil at a constant speed (1.2 m/min ~5%). The 

generated pore pressure is mainly a function of the 

varying permeability of the soil layers. This device 

is especially suited for identifying layers of permeable 

soil embedded in the cohesive soil. Compared with the 

traditional method, for example the cone penetration 
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method, the pore pressure probe is a much more sensitive 

and reliable tool for the identification of thin seams 

of sand, silt and clay embedded in soft soil deposit 

(Fig 6. 1 ) . 

Fig 6.2 shows a sounding diagram of the BAT electrical 

cone (channel 1) and the BAT pore pressure probe 

(channel 2). The actual soil profile comprises an 8 m 

thick layer of very soft clay which is underlain by a 

fine silt with thin layers of clay and sand. The thick

ness of this fine silt is about 10 m. The silt is 

underlain by a mainly sandy soil which extends to a 

depth of about 25 m. 

As seen from the sounding diagram a high excess pore 

pressure is generated in the soft clay. In this soil 

layer the point resistance is very low. In the fine 

silt layer results from both generated pore pressure 

and cone penetration resistance clearly reflect a 

typical profile of varying soil layers. In the deep 

sand layer the generated pore pressure coincide 

almost with the hydrostatic pressure line. This result 

indicates that the sand has a density which is slose 

to the critical density. 

The probe has a rapid response to changes in pore 

water pressure, so it is easy to distinguish layers 

of sand, silt or clay in the soil profile. Embedded 

seams of sand or silt in the clay are distinctly shown 

as sudden pressure drops in the sounding diagram (the 

pressure/depth diagram). On the other hand, thin clay 

layers embedded in sand are shown as sudden pressure 

peaks. 

6. 1. 2 Determination of relative density or soil 

consistency 

During penetration of the probe the soil around the 

probe fails in undrained shear. In dense sand and silt 
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or in an overconsolidated clay (stiff clay) a negative 

pore pressure. is generated when the pore pressure 

sounding probe penetrates these soils. On the con

trary, a positive pore pressure is developed 

during penetration of the pore pressure sounding probe 

in loose or soft soils. Based on these characteristics, 

the pore pressure probe can be used to determine the 

relative density or tlB soil consistency. Fig 6. 3 shows the 

excess pore pressures generated by the probe and the 

time-rate at which they dissipate. 
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ELAPSED TIME IN MINUTES - LOG SCALE 

Fig 6.3 Pore pressures generated by the probe 
penetrating cohesive and cohesionless 
soil deposits. 

In Fig. 6. 3 it is clearly seen that for soft clayey silt 

(curve 1) and loose silty sand (curve 2) positive 

pore pressure is generated by 1.78 and 1.5 m of 

water respectively~ Whereas the stiff clayey silt 

(curve 3) and dense silty sand (curve 4) develop a 

negative excess pore pressure of 2.11 and 1.53 m of 

water respectively. 

6. 1 • 3 Determination of undrained shear strength 

The pore pressure probe can be used to determine the 

undrained shear strength in normally consolidated 

clays (Torstensson, 1977, 1979). The use of this 

method assumes that the modulus of deformation of soil 

is in the range of 100 Tfu<E<500Tfu· With this assump-
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tion it has been found that a relation between the 

generated excess pore pressure tu and the undrained shear 

strength Tf can be expressed by the following equations: 

- for spherical cavity 4.7 < tu < 6.7 
Tf 

- for cylindrical cavity 3.5 < tu < 5.0
Tf 

Therefore the undrained shear strength of clay (nor

mally consolidated clay) can be determined from the 

above-mentioned equations based on the generated excess 

pore pressure obtained by the pore pressure probe. 

6. 1. 4 Determination of the coefficient of consolidation 

The coefficient of consolidation for different soil 

layers can be determined by measuring the rate of 

excess pore pressure dissipation. By solving the con

solidation equation, it has been found that the time 

needed for dissipation of the excess pore pressure is 

a function of the ratio r~/C where r 0 = radius of 

probe and C = coefficient of consolidation. Therefore 

the coefficient of consolidation is determined as 

follows: 

- Coefficient of consolidation in horizontal plane 

(spherical cavity). Cv is determined by the formula: 

r2 
= 0. 5 - 0

-
t 5 O 

Coefficient of consolidation in vertical plane 

(cylindrical cavity). eh is determined by the 

formula: 

r2 
= 2 _o_ 

tso 

where 

ro = radius of pore pressure probe 

t 50 = time needed for 50% consolidation 
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