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INTRODUCTION 

Effects of ground vibrations generated from pile drivings on surroun

ding structures, human beings and sensitive equipment have been of in

creasing public concern. Several millions of piles are driven each 

year, more and more in populated cities that leads to cracking and, in 

many cases, serious damage to buildings. A typical example of such a 

case was shown by Hansbo (1985). Yet the effect of ground vibrations 

due to pile driving are often neglected in engineering considerations. 

Rather few studies have been made in this field. So far damage crite

ria have not been agreed upon. The ground motion due to pile driving 

may often affect a structure in three ways: 

(a) shaking of structure by some types of transient vibrations; 

(b) inducing settlement of the structure due to densification or 

liquefaction of soils; and 

(c) combination of these two effects. 

Different criteria exist for damage of structures due to ground vibra

tions from pile driving, most of which are deduced from blasting 

tests. The criteria using peak particle velocity of ground motion as a 

single index of damage is the most widely used. But the potential of 

damage is very much dependent on frequency, duration of ground vibra

tion, as well as type and condition of structures. It is agreed that 

the response spectra technique, which has been used widely in earth 

quake engineering, is one of the most promising measures to esta

blish a rational criteria for damage of structures due to ground vi

bration from pile driving. However, there is no clear criteria for 

safe limits for ground movement/settlement due to pile driving that an 

adjacent structure can tolerate. Because so far very little ex

perience is available on permissive additional settlement that an 

existing building can stand when construction activities take place 

nearby. This problem is completely different from judging the allowab

le settlement of a building under its own dead weight. Besides, up to 

now no effective method exists to predict dynamic settlements that a 

structure may experience during nearby pile driving. 

However, with a rapid developement of both measurement and computer 

techniques, the above mentioned problems can be and need to be solved. 
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This report presents a state-of-the-art on the effects of vibrations 

due to pile driving on the surrounding structures. The author also has 

an intention that the report will serve as a handbook for studies in 

this field. 

The report includes the following chapters: 

Chapter 1: introduces a basic knowledge of wave propagation in the 

soil media 

Chapter 2: presents a literature survey of the studies on the 

attenuation of vibration due to pile driving, as well as 

the concept of geometrical and material damping 

Chapter 3: presents the potential of damage of structures caused by 

pile driving and influence factors 

Chapter 4: discusses different existing criteria for damage of 

structures caused both by ground vibration/shaking and 

movement/settlement from pile driving 

Chapter 5: provides a basic knowledge of field measurement of 

vibrations, as well as experience received from practical 

field measurements 

Chapter 6: presents reviews the currently available techniques for 

dynamic analysis of the soil-structure system 

Chapter 7: introduces different methods of reducing vibration effects 

that have been succesfully applied in practice 

Chapter 8: sums up the main ideas of the report and suggests futher 

studies. 
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1. GENERAL CONCEPTS 

1.1. Types of Vibrations 

The current vocabulary of vibrations starts from a distination between 

"deterministic" and "random" vibrations. A deterministic vibration is 

one where the instantaneous value at a certain time can be predicted 

from a knowledge of the instantaneous values at previous times. Deter

ministic vibrations may be periodic, aperriodic or transient. "Shock" 

is regarded as a special case of transient vibration. 

A random vibration is a vibration in which the instantaneous value at 

a certain time cannot be predicted from a knowledge of its time

history. A random vibration is called "stationary" if its statistical 

properties remain the same at different times, that is, invariant with 

respect to translation in time. A vibration may depart from strict co

mpliance with stationarity until its staticstical properties are in

variant with time. It is then called nonstationary. The different type 

of vibration are classified in Fig. 1. 1, Skipp (1984). 

Many types of vibration do not fall easily into the categories out

lined above and, for many practical purposes, especially when empiri

cal "acceptability" criteria are being used, vibrations are described 

as "continnous", "intermittent" or "transient" without allocation to 

the formal classes of vibration. 

In a more simple classification that has been commonly used, construc

tion vibrations are divided into three different types: (1) Transient 

or impact vibration; (2) Steady-state or continnous; and (3) pseudo

steady-state vibrations. The three types of vibration are shown in 

Fig. 1.2. Example of transient construction vibrations are those that 

occur from blasting and impact pile driving. Steady-state vibrations 

maybe generated by vibratory pile drivers. And pseudo-steady-state vi

brations are so called because they are of a random nature of a series 

of impact vibrations occurring in intervals short enough to approach 

essentially a steady-state condition. Examples of this type of vibra

tion are trucks, bulldozers, cranes, scrapers, etc. 
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DETERMINl$TIC 

periodic quasi-periodic non-periodic 

sinusoidal complex transient shock 

RANDOM 

stationary non-stationary 

ergodic non-ergodic 

self-stationary 

strongly, weakly 

Fig. 1.1. Classification of types of vibration (from Skipp, 1984). 

Types of Construction Vibrations 
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V = Vibration Amplitude T = Time 

Fig. 1.2. Construction vibration waveform (from Wiss, 1981). 
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1.2. Duration of Vibration 

It is recognized that the "effective duration" of a vibration has a 

bearing upon the response of a structure and the damage to it. A 

structure which is lightly damped will require more cycles of ex

citation to reach its peak response than one which is highly damped, 

although of course the maximum response in the latter case would be 

less than in the former. 

The time constant of a resonant response is give by 

TR = ---- ( 1 . 1 ) 

2 rr Sr fr 

Where fr = frequency of resonance r, 

!;r = damping ratio of resonance r' 
= time constant in seconds. TR 

Three cases can be defined: 

(a) "Continous". If the forcing function (i.e. ground vibration) 

impinges on the structure continuously for more than 5 TR, 

then the vibration is regarded as continous. 

(b) "Intermittent". If the forcing function "switches on and off" at in

tervals comparable with 5 TR or longer the response is then 

regarded as intermittent. 

(c) "Transient". If the forcing function exists for a time less than 

5 TR, the response is regarde as transient. 

This guide to the meaning of "continuous", "intermittent" and "transi

ent" in term of input and response is of recent origin and has yet to 

be formally incoporated into codes, Skipp (1984). 

The complete vibration system consists of a source, a path way and a 

receptor. The energy must be transferred to the ground, travel through 

it and then be transferred from the ground to the structure. While it 

is easy to see the distinction at the source, at some receptors the 

distinction may be blurred because the "continuous", "intermitten" or 

"transient" nature of the vibration depends on what has happened ''in

transit" and within the responding structure. Thus, the discrete blows 
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of a piling hammer may set up effectively "continuous" vibration in a 

structure. 

So far vibrations have been regarded as variations of some quantity 

with time, that is, represented "in the time domain". Vibrations can 

be described in term of their frequency content, i.e. "in the frequen

cy domain". The transformation of time history information to the fre

quency domain, e.g. by Fourier transfer functions, and the converse 

process is a very important part of vibration analysis. 

1.3. Wave Progration 

With any source of vibration, ground vibrations are generated as a 

result of the elastic deformation of the soil media. The vibration are 

then propagated through the soil as elastic waves. 

The elastic waves comprise body waves which radiate energy in all di

rections in the ground, and surface waves which carry energy along the 

ground surface. The displacements within soil from pile driving are 

small, (on the order of magnitude of 0.001%) and therefore, it is rea

sonable to use the wave propagation theory to predic the ground motion 

and to calculate the velocity of wave travel through the soil. 

Two types of body wave that can be produced by dynamic ground loading 

are compressive and shearwaves. The compressive wave, denoted as P, is 

radiated on a spherical wave front and travels at a relative high ve

locity. This wave attenues with distance comparatively quickly owing 

to its three dimensional dispersion. The shear wave, denoted as S, is 

also radiated on a spherical wave front, but at a slightly lower velo

city. 

The most important surface wave is the Rayleigh wave, denoted as R. 

This wave expands along a cylindrical wave front at a lower velocity 

than either type of body wave. The Rayleigh wave is confined to a 

region close to the groud surface, see Fig. 1.3. and is similar in 

many ways to a water wave. The R-wave is of primary importance in the 

study of the dynamic of bases and foundations. Fig. 1.4. shows surface 

wave profiles at different distances from a driven sheet pile. 



7 

amplitude at depth z 
amplitude at surface 

- 0.6 -0.4 -0.2 0 0.2 0.4 0.6 0.8 
0 

0.2 
Cc 
-..J 

0.4 ~ 
.c 

0.6 0> 
component .C C 

- <l.lw(z) 0. 
0.8 ~ 

-
~ 

V = 0.25 
V = 0.33 V = 0.25 s: 

1.0I'= 0.40 V = 0.33 
I'= 0.50 V = 0.40 

1.2V = 0.50 

1.4 

Fig. 1.3. Amplitude ratio vs. dimensionless depth for Rayleigh wave 
(from Richart et al., 1970). 

@lOm @ 20m & 30m 

DIRECTION 0 •01 •02 ·03 ·04 •05 m,n. 

OF WAVE . 
SCALE FOR HORIZONTAL & VERTICAL DISPLACEMENT 

TRAVEL 

Fig. 1.4. Surface wave profiles at 10, 20, 30 m from a driven sheet 
pile (from Attewell and Farmer, 1973). 
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Miller and Pursey (1954, 1955) showed that, for the special condition 

of a homogeneous, isotropic elastic half-space with a Poissons ratio 

equal to 0.263, there was a partition of energy between different wave 

types as shown in Table 1. 1. 

Table 1.1. Energy partition of waves. 

Wave types % of available energy 

Surface Rayleigh waves 67 
Body shear waves 26 

Body compressive waves 7 

A further type of wave, with a large transverse component of motion, 

can be generated as a result of soil layering. These waves, known as 

Love waves, are a type of surface wave, with a propagation velocity 

between those of the Rayleigh wave and the shear wave. Love waves are 

dispersive, that is the wave velocity is dependent on frequency. 

A schematic representation of the wave mechanism during pile driving 

is shown in Fig. 1.5. From the figure it can be seen that the main 

surface motion has both horizontal and vertical components. This 

motion would be further complicated by the presence of sub-surface 

layers, which would enable transversely polarized Love waves to be ge

nerated. These waves would appear on the ground surface in addition to 

the Rayleigh wave. 

It should be noted that at any point on the surface the compressive 

wave arrives first, followed by the shear wave and, finally, the Ray

leigh wave, see Figs. 1-6. From the elastic wave propagation theory, 

the wave velocity in an infinite elastic medium is given by the follo

wing formula: 

for compressive waves: 

Vp 2 = E (1 - µ)/Q(1 + µ)(1 - 2µ) ( 1 . 2) 
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Fig. 1.5. Wave propagation near to a driven pile; arrows indicate the 
direction of particle motion (from Attewell and Farmer, 
1973). 
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Fig. 1.6. Wave system from surface point source in an ideal medium 
{from Richart et al., 1970). 
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for shear waves: 

V z = G/Qs 

Where Vp = velocity of the compressive wave 

Vs = velocity of the shear wave 

E = modulus of elasticity fo the medium 
µ = poisson's ratio of the medium 

Q = mass density of the elastic medium 

G = E/2 (1+µ). 

The velocity of propagation for the Rayleigh wave is also dependent on 

Poisson's ratio and is somewhat less than that of the sheat wave. 

varying between 0.9553 and 0.9194 of Vs for µ=0.5 and 0.25 respective

ly. Therefore, the Rayleigh wave is the slowest travelling of all the 

waves, following the shear wave which in turn follows the compressive 

wave. Each of the above discribed waves travels at a different veloci

ty and the relative velocities between these three principle waves is 

a function to Poisson's ratio (µ), as shown in Fig. 1.7. 

The most important elastic waves which can travel through the ground 

are listed in Table 1.2. 

1.4 Particle Motion 

In addition to the wave propagation velocity described above, there is 

also a particle velocity within an elastic medium, that means the ve

locity at which the particles oscillate forwards and backwards when a 

wave travels through the soil medium. This is similar to a cork 

bobbing to and fro in water as a water wave passes by. In this case, 

the velocity at which the water wave travels is the velocity of wave 

propagation. And the velocity at which the cork oscillates is the par

ticle velocity. 

The compressive wave produces particle motions in the same direction 

as it is propagating. On the other hand the shear wave produces 

motions perpendicular to its direction of propagation: either horizon

tal, as shown in Fig. 1.5 , or vertical. The Rayleigh wave (the most 

complicated) produces motions both in vertical direction and parallel 



Table 1.2. Principle elastic waves (from Skipp, 1984}. 

Wave Designation 

compressional, dilatational P 

distortional, shear S 

vertically polarized sv 
horizontally polarized SH 

Rayleigh wave* R 

Love wave L 

Stonely wave (generalized 
Rayleigh wave) 

Conversions at boundary (solid/solid) 

Incident Transmitted Reflected 

p P, SV P, SV 
SV SV, P SV, P 
SH SH SH 

V p= velocity of propagation, P waves 
V s = velocity of propagation, S waves 
G = shear modulus 
p = density 
i.= wavelength 
h = distance 
Subscripts refer to layers. 

Remarks 

Particle motion in direction 
of propagation 

Particle motion normal to 
direction of propagation 

Retrograde elliptical motion at 
surface 

Particle motion normal to 
direction of propagation 
in plane of interface 

Surface wave in elastic half 
space where two layers have 
similar shear wave velocities 

Propagation velocity 

v: =E(l - v)/p{l - 2v)(I + v) 
(infinite medium) 

VJ= G/p 

V1=:::G1/P 

Short ). : V1 = (G 1/p 1}112 

Lo!)g).: V2 = (G2/P2)112 

0.998 VP 

*Rayleigh waves do not appear at distances shorter than VRh/jV~- V.~ C'f VRhf)V.~ - n. f-' 
I-' 
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Fig. 1.7. Relation between Poisson's ratio and velocities of propaga
tion of compression, shear and Rayleigh waves in a semi
infinite elastic medium (from Richart et al., 1970). 

Peak velocity 

VERTICAL 

2.7mm/s 

0.7mm/s 

LONGITUDINAL 

0.9mm/s 

0.1s 

St drop hammer driving sheet piles on clay. Measurements at 20m 
Energy input/blow = 30kJ 

Fig. 1. 9. Ground vibration signals from triaxial accelerometer ar
rangement (from Martin, 1980}. 
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Particle 
motion 

(al 

Propagation 
direction \ 

(b) 

{cl 

Fig. 1.8. Particle motion variation with wave types: (a) compressive; 
(b) shear; (c) Rayleigh (from Dowding, 1985). 
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to its direction of propagation, see Fig. 1.8. 

To describe the paricle motions completely, three perpendicular compo

nents, transversal, longitudinal (radial), and vertical, of motions 

should be measured as shown in Fig. 1.9. In practice, the magnitude of 

ground vibration levels may be measured in term of displacement (s), 

velocity (v), or acceleration (a). If the time history of the wavefront 

is known, then numerical or digital integration and differentiation 
may be used to relate s,v and a as funtions of time t: 

dv 

a= --- = ( 1. 4) 

dt 2dt 

Often, for simplicity, a harmonic motion is assumed in converting from 

one mode to another, Mayne (1985). The relationships among peak 

values or harmonic waves may be expressed by 

v = 2 rr fs ( 1 . 5) 
2 f 2a= 2 rr fv = 4 rr s ( 1. 6) 

where f = frequency of vibration. 

For most construction related vibrations, the peak velocity at a point 

on the ground (the peak particle velocity) has been shown to be the 

best single indicator of damage potential and annoyance levels, alt

hough it is not solely the peak particle velocity that causes damage 

of surrounding structures. 

The variation of motion with each component has led to difficulty in 

determining the peak particle velocity. There are two types of peak 

values that are commonly used: the (peak) true vector sum (TVS) and 

the (peak) pseudo vector sum (PVS). These values are calculated as 

follows: 

( 1 . 7) 

where Vx(t), Vy(t), Vz(t) are the three prependicular velocity compo

nents obtained at the same time tat which the peak value of one corn-
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ponent occurs while the two other values are relatively large; and 

( 1. 8) 

where Vxmax, Vymax, Vzmax are all the peak values. 

From the measured results, it is easier to determine the PVS value 

than the TVS value. As the three values rarely occur at the same 

time, the PVS value must be higher than the TVS value. However, the 

damage criteria developed by the U.S. Bureau of Mine for blasting have 

been based on the PVS value. In Fig. 1.9 ground vibration signals from 

a triaxial measurement are shown. 
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2. WAVE PROPAGATION FROM PILE DRIVING 

The wave motions generated by penetration of a pile into the soil are 

complicated in nature. However, the wave theory can be used to descri

be the passage of the impact load applied at the pile top through the 

pile. This should be defined first as it will precede the development 

of the wave motions in soil. 

When an impact load is applied to the pile top, a compressive wave is 

generated which propagates along the pile with a velocity Ve =JE/g , 

consideringµ= 0. Reaching the pile soil interface, a portion of the 

wave and consequently the energy imparted into the pile is transferred 

across the interface, and a portion is reflected. The amount of trans

ferred and reflected energy is a funtion of the angle at which the in

cident wave strikes the interface, and the ratio of the density and 

wave velocities in the pile and soil, Richart et al, (1970). Basing on 

the assumption that the pile and soil behave etastically which is rea

sonable for soil at small strains, and that the soil-pile interface 

lying normal to the direction of the wave propagation, Attwell and 

Farmer (1973) estimated the ratio-between transmitted and reflected 

energy to be approximately 2:1. 

The wave reflection also occurs along the pile sharp-soil interface. 

But it is found that only at the tip of the pile wave energy trans

ffered to the soil is significant 1eading to the generation of wave 

motions in the soil medium, Schwab (1985). 

When driving a pile into the soil, compression (P-waves) and shear 

waves (S-waves) are generated at the pile tip expanding spherically 

through the soil, as shown in Fig. 1.3. As the body waves expand 

outward from the pile they are reflected and/or refracted at the soil 

surface. The initial wave motions at the surface consist of P and S 

waves followed somewhat laterby surface Rayleigh waves. 

Close to the pile, ground motions from the body waves are significant 

in comparison to the Rayleigh waves. However, they decay rapidly and 

at larger distances from the pile, the Rayleigh waves become dominant. 

As structures are located at some distance from the point of piling 

Rayleigh waves are of primary concern. Compressive waves account for 
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only a small portion of the total energy transmitted, with a relative

ly greater portion transmitted as shear waves throughout the mass of 

the soil. On the other hand, the gretest portion of the energy initia

ted by the pile driving equipment is transmitted to the soil as the 

Rayleigh waves, see Table 1. 1, Richart et al (1970). About two-thirds 

of the total energy imparted to the soil is distributed as Rayleigh 

waves, Heckman et al (1978). Usually the ground motions associated 

with surface Rayleigh waves are of sufficient amplitude to cause 

damage of structures. Morever, it is also found that the horizontal 

component of the ground motion caused by Rayleigh waves usually result 

in most of the structural damage, Schwab (1985). 

The amplitude of the wave motion and the resultant particle motion are 

effected by the two following main factors: 

(1) Geometrical damping; 

(2) Material (soil) damping. 

2.1 Geometrical Damping 

Geometrical damping is of primary importance in the decay of booth 

body and surface waves. This damping can be attributed to the decrease 

in the energy density of a wave as it expands outwards and encompasses 

an increasingly greater volume of material, which in its turn results 

in a corresponding decrease in the amplitude of the wave motions. Ho

wever, due to the difference in the expanding wave fronts, spherical 

for body waves and cylindrical for surface waves, of a body wave dec

reases at a significantly greater rate than those of a surface wave. 

The energy density per unit area, W, at any distance from the source, 

of an expending wave front can be determined from the following 

formula: 

W= Wo/F ( 2. 1 ) 

where Wo = reference wave energy at a distance r from the 
0 

source; 

F = the area encompassed by the wave front and is a function of 

r, the distance from source. 
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Equation (2. 1) represents the wave attenuation due to geometrical dam 

2.l!:!_g_, basing on the assumption that the total energy of a wave remains 

constant as it expands. 

As a crude model for pile driving one may consider the classical case 

of a periodic concentrated force acting on the surface of an isotropic 

elastic half-space. Surface waves originating from a point source on 

the elastic half-space have a cylindrical wave front, and the decay is 

therefore proportional to r- 0 
• 

5 
• Body waves, on the other hand, pro

pagare with a spherical wave front. In an unlimited elastic medium 

their attenuation from a point source is proportional to r- 1 
• However, 

for a point source acting normal to the surface of an elastic half

space it may be shown, see e.g., Bath (1968), that body waves attenua

te with r- 2 Thus, the geometrical damping law may be written in the 

form: 

V - 1 / rY (2. 2) 

where v = the particle velocity amplitude, 

y = dimensionless coefficient of geometrical damping, varying 

between 0.5 and 2.0, depending on the wave type and the 

location of the source. 

Schwab (1985) proposed that the attenuation of body waves is propor

tional to r- 2 along the soil surface and r- 1 elsewhere, while surface 

waves attenuate in proportion to r- 0 
• 

5 
• 

2.2 Material Damping 

Soil material damping is associated with the losses of energy as a 

wave propagates. For real materials, such as soils, internal friction 

between soil particles further reduces the energy in the wave propaga

tion, thus resulting in an attenuation greater than that predicted 

by geometrical damping alone. This frictional damping can be expressed 

as a material damping coefficient which is representative of the fric

tional characteristics of the soil. The effect of the soil damping on 

the amplitude of wave/particle motion can be accounted for by modify-
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ing the equation (2.1) for only geometrical damping with an exponenti

al term as follows: 

w= ( 2. 3) 

where a= coefficient of material damping defined above, having the 

dimension (length)- 1 

r = distance from the source (the pile or the pile tip). 

Equation (2.3) have another form more common: 

(2 .4) 

where A= wave amplitude expressed as peak particle acceleration, 

velocity or displacement; 

A= reference wave amplitude at a distance of r from the energy
0 0 

source. 

From Equations (2.3) and (2.4), it can be seen that the contribution 

of the soil frictional charateristics on the wave motion/particle 

motion attenuation is small in comparison to that of geometrical dam

ping. Therefore, for the practical purpose this effect can be neglec

ted, and any error resulting from neglecting the material damping of 

the soil will be conservative. 

Typical values for this coefficient are given below in Table 2. 1 for 

various soil types and they have been found to be a function of void 

ratio, shearing strain and confining pressure, Schwab (1985). 
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Table 2.1. Coefficient of Material Damping (Theissen & Wood, 1982) 

Investigator Soil type Material 

Damping Coef 
-1 

(meter ) 

Forssblad (1965) Silty gravelly sand ................. 0. 1312 

Richart (1962) Compact granualr fill ............... 0.0197 

Woods (1967) Silty fine sand ..................... 0.2624 

Barkan ( 1962) Saturated fine grain sand ........... 0. 0984 

Saturated fine grain sand 

in frozen state ..................... 0.0590 

Saturated sand with laminae of 

peat and organic silt ............... 0.0394 

Clayey sand, clay with some sand 

and silt above water level .......... 0.0394 

Marly chalk ......................... 0.0984 

Saturated clay with sand ............ 0.0394-0. 1181 

Dalmatov et al 

( 1980) Sand and silts ...................... 0.02624-0.361 

Clough & Chameau Sand fill over bay mud .............. 0.0492-0.1970 

( 1980) Dune sand ........................... 0. 0264-0. 0656 

Peng (1972) Soft Bangkok clay ................... 0.2591-0.4395 

Since the coefficient a is frequency dependent, Richart et al (1970), 

values are tabulated by Woods & Jedele (1985) for two frequencies, 5Hz 

and 50Hz, see Table 2.2. For other frequencies, a can be simply cal

culated from 

f 
2 

a = a ( 2. 5)
2 1 

f 
1 

where a = known a - value at frequency f and 
1 1 

a = unknown a - value at frequency f 
2 2 
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Table 2.2. Coefficient of Material Damping, (Woods & Jedele, 1985) 

Soil Class Attenuation Description of soil material 

Coefficient 

a (1/ft) 

5 Hz 50Hz 

I 0.003 0.03 Weak or Soft Soils - lossy soils, dry or 

partially saturated peat and muck, mud, 

to to loose beach sand, and dune sand, recently 

plowed ground, soft spongy forest 
0.01 0.10 of jungle floor, organic soils, toposoil. 

(shovel penetrates easily) 

II 0.001 0.01 Competent Soils - most sands, sandy clays 

to to silty clays, gravel, silts, weathered rock 

0.003 0.03 (can dig with shovel) 

III 0.0001 0.001 Hard Soils - dense compacted sand, dry 

to to consolidated clay, consolidated glacial 

0.001 0.01 till, some exposed rock. (cannot dig with 

shovel, must use pick to break up) 

IV <0.0001 <0.001 Hard, Competent Rock - bedrock, freshly 

exposed hard rock. 

(difficult to break with hammer) 

2.3 Prediction of Attenuation of Ground Vibrations 

There exist different opinions among researchers concerning the rela

tionship that best predicts the attenuation of an expanding wave pro

pagation produced by pile driving. As described earlier, the wave pro

pagation produced by pile driving is very complex, and the relative 

contribution of the different wave types to the resultant wave ampli

tude may vary with driving method and distance from the pile. Resear

chers have typically not determined the relative proportion of geome-
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trical damping and material damping in Eg. (2.4), but have assumed a 

value for either the geometrical damping coefficient (a) or the mate

rial damping coefficent (y), and have solved for the other damping co

efficint, using data obtained from measurements of blasting or pile 

driving vibrations. 

Some researchers, including Dalmatov et al (1968), Lo (1977), and 

Clough and Chamean (1980) have used the following relationship, propo

sed by Barkan (1960) to describe the attenuation in cases of impact 

pile driving: 

r 
0 0 5 -a(r-r ) (2.6)A = A ) ' e o 

0 

r 

By using y = 0.5, these authors have assumed that the major energy 

transmission is by Rayleigh waves which are futher attenuated by mate

rial damping. Both Dalmatov et al, and Clough and Chameau found that 

for saturated sands, Eq. (2.6) provides a reasonable agreement between 

the predicted and measured accelerations. Comparisons of the predicted 

attenuation curves with the field measured accelerations are shown in 

Fig. 2.1 and Fig. 2.2. 

Other authors, including Attewell and Farmer (1973), Brenner and Chit

tikuladilok (1975) and Wiss (1981), have modeled the attenuation of 

their pile driving data using the following relationship: 

r 
0 

)--yA = A (2. 7) 
0 

r 

The use of this equation implies that material damping losses are 

small and insignificant in relation to geometrical damping losses, and 

that the attenuation may be modeled using geometrical damping only. 

Wiss, however, used for r the seismic distance, i.e. the distance from 

the pile tip to the point of measurement, while Attewell and Farmer 

(1973) used the horizontal distance. The attenuation observed by Atte

well and Farmer is shown in Fig 2.3, where y ~ 1.0. 
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As mentioned earlier, the coefficent of geometrical damping, y, is de

pendent on the wave type and the location of the source. But in fact, 

they value also varies with the soil types. Wiss (1967) proposed to 

use y = 1.5 for clay soils and 1.0 for both wet and dry sands. These 

pagation preduced by pile driving. As described earlier, the wave pro

values were supported by Martin (1980). From site measurements, Martin 

obtained similar y-values 1.4 for clay and 0.8 for silt. Wood et al 

(1982) found they value to be on the order of 1.5 for soft soil and 

1.0 for firm soil. y-values proposed by different authours are given 

in Table 2.3 

Table 2.3 Coefficient of Geometrical Damping 

Geometrical 

Author Soil type damping 

coefficient 

Wiss (1967) Sands 1.0 

Clays 1.5 

Brenner & Chittikuladilok Surface sand 1.5 

(1975) Sandfill over soft clays 0.8-1.5 

Attewell & Farmer (1973) Various firm soil 1.0 

Nicholls et al (1971) Fine soil and rock 1.4-1.7 

Dalmatov et al (1968) Saturated sands 0.5 

Clough & Chamean (1980) Soils 0.5 

Martin (1980) Silts 0.8-1.0 

Clays 1.4-1.5 

Wood (1982) Firm soils 1.0 

Soft soil 1. 5 

Schwab (1985) Soils 0.5-1.0 

For impact hammers where the energy of the pile driver is easily 

known, the hammer energy may be incorporated with the attenuation re

lationships shown above to estimate not only vibration attenuation 

with distance, byt also the approximate level of vibration at a given 

location. Neglecting the effect due to material damping, the following 

relationship for peak particle velocity may be developed, Wood et al 

(1982) : 
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V = k (2.8) 
rY 

where E = driving energy, 

n = rate of increase for a log-log plot of the relationship; 

k = proportional constant, equal to the velocity intercept at 

= 1 (2. 9) 

This equation may be rewritten as 

r 

V = k ( ---) -y (2. 10) 
E(3 

where, the coefficient (3 is generally taken to be 0.5. The term (r/JE) 

is defined as the scaled energy or scaled distance, Wiss (1967,1981). 

The value of n in this expression generally lies between 1.0 and 2.0 

with a relatively common value of 1.5. Graphing the particle velocity 

data in terms of scaled energy permits the development of a single 

curve or predict the wave amplitudes at the ground surface for pile 

drivers of known energies. A typical form of such graphs is shown in 

Fig. 2.4. 

Wiss (1967) suggested values fork of 0.11 for clay, 0.27 for wet 

sand, and 0.16 for dry sand for maximum anticipated value of particle 

velocity, when expressing E in foot-pounds, r in feet from pile tip, 

and v in inches per second. 

Attewell and Farmer (1973) proposed that the peak particle velocity 

can be predicted from the following expression: 
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JE 
V = 0.76 ( ( 2. 11 ) 

r 

which may be approximated to: 

JE 
V = k ( 2. 12) 

r 

in which, the peak particle velocity vis expressed in mm/s, k is 

approximated to 0.75, Eis the energy of blow impact in joules (N.m) 

and r is the radial distance from the source, in metres. 

Mallard and Bastow (1980) have also suggested that the distance used 

in this kind of relationship should be between source and detector 

rather than plan position (equivalent to the difference between an 

earthquake hypocentre and its epicentre). It would, however, seem to 

be more appropriate to use plan distance when the pile is to be a 

friction pile and the source can be treated as a line generating cy

lindrical or conical waves, taking into account the proportion of 

energy which would be generated from the pile tip as it is driven into 

stiffer ground. 

Martin (1980) suggested different values of knot only for different 

soils, 

below: 

but also for different types of driving hammer, as listed 

8t drop hammer, V = 1. 28 
JE 

r 1.4 
(2. 13) 

5t drop hammer, V = 0. 14 
JE 

r0.8 
(2. 14) 

JE 
Diesel hammer, V = 0.80 - (2.15) 

r 1. 4 
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In Fig. 2.5, the attenuation SRSS velocity, that mean true vector sum 

in Eg. (1.7), with distance in a selection of piling operations is 

given, and in Fig. 2.6 some examples of the used of scaled distance 

relationships are given for impact piling, Skipp (1984). Fig. 2.7 

shows the particle velocity attenuation with distance for various 

energy sources, Attewell and Farmer (1973). 

With different penetration depths of pile, the attenuation of ground 

motion at different equal, depth planes in the soil medium and at the 

ground surface are also different. Ziyazov (1977), however, from his 

field measuments of ground motion due to sheet piling at different 

depths and distances, found that the difference is not so large and 

that there seem to be the same attenuation at the ground surface as at 

the equal-depht plane of the pile tipe with a certain time delay. Mo

rever, Equation (2.6) can be used for each equal-depth plane in the 

soil medium, including the ground surface. 
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Fig. 2.6. Square root energy scaling from pile-induced ground vibra
tions. (1) _Suggested upper bound and design guide (Attewell 
and Farmer, 1973). (2) Driven bearing piles to sandstone/ 
rock (SRSS} (Mallard and Bastow, 1980}. (3) Driven steel 
bearing piles to gravel through soft alluvium {SRSS) (Soil 
Mechanics Ltd Report 7980). (4) Envelope for 7 cases with 
variety of piling and ground (Wiss Envelope, 1981} (from 
Skipp, 1984) . 
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3. EFFECTS OF GROUND VIBRATIONS AND MOVEMENTS FROM PILE DRIVING 
ON STRUCTURES 

Pile driving works sometimes have negative effect on an adjacent 

structure, see Fig 3.1 

(a) shaking of the structure by some types of transient vibration; 

(b) inducing settlement of the structure due to densification or 

liquefaction of soils; 

(c) inducing a localized heave within a zone immediately adjacent to 

the pile; 

(d) increase in lateral soil stress resulting from the increase in 

pore pressure caused by pile driving etc. 

The structure may be damaged either by one of the above mentioned 

effect or by a combination of some of them. Therefore, the mechanism 

of the damage of a structure due to pile driving is often very compli

cated. In a particular case, however, one of the above effects is do

minant. In this Chapter only effects of ground vibrations and move

ments from pile driving will be discussed. Criteria for damage of 

structures due to these effects will be reviewed in Chapter 4. 

3.1 Effects of Ground Vibrations 

Among the effects caused by pile driving on the adjacent structure, 

the shaking of the structure caused by the ground motions/vibrations 

at the base of the structure is of primary importance. Examination of 

recorded field measurements of the ground vibrations at the base of 

various structures, has revealed that the magnitude of the shaking of 

the damage sustained by a structure is dependent on the following, 

Schwab (1985): 

(a) the dynamic characteristics of the structure, i.e. stiffness, 

frequency, mass and damping of the structure; 

(b) the construction type and condition of the structure; 

(c) the intensity and frequency of the ground vibrations; 

(d) the duration of the vibrations. 
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Pde driving 

Fig. 3.1. Effects of ground vibrations and movements from pile driving 
on structures. 
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The relationship between ground vibrations and structural displace

ments can be done in either of two ways: (1) by performing a dynamic 

analysis and calculating the horizontal displacements induced in the 

structure by the ground motions at the base of the structure, or (2) 

by comparison with actual recorded case histories. At this time, the 

second method is the usual means of evaluating the likely negative 

effects of pile driving on a structure. The reason is that it provies 

a direct link between damage to the structure and the ground vibra

tions at the structure base. The first method, however, can take a 

number of factors into account, including the dynamic characteristics 

of the structure (stiffness, weight distribution, size and configura

tion) and the type and duration of the ground motions. 

Structures which are poorly constructed or in poor condition are more 

sensitive to damage than those in good condition. Well constructed 

structures have a greater capacity to absorb the vibrations without 

damage as they can deform plastically under the load. As a result, the 

damage threshold for these structures must be at a higher level of vi

bration than the poorly constructed or poorly maintained ones. The 

threshold of damage must also be at a lower level for the historical 

and artistic monuments and constructions. 

Schwab (1985) showed that structures can experience large amplitudes 

of vibration without sustaining substantial damage if the frequency of 

the vibration is low. Conversely, a structure may not be damaged by 

high-frequency vibrations, if the amplitude of the vibration is low. 

In the first case, the structure can accomodate large deflections as 

the vibration frequency is low enough to permit the structure to 

deform elastically, and absorb the energy. And in the second case, al

though the high frequency of the vibrations does not permit the energy 

to be dissipated by the structure, the amplitude is low enough not- to 

cause damage. This, however, does not apply if the frequency of the 

vibrations is close to the natural frequency of the structure. In that 

case, resonance may occur. Koeh (1953), on the contrary, found that 

buildings seemed to be damaged more by the lower frequency vibrations 

such as usually occur from piling. 

About the resonance of structures, Schwab (1985) stated that resonance 

does not actually occur due to the inherent damping characteristics of 
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a structure which acts to damp out or reduce the vibration within the 

structure. From his experience with frequencies of ground vibrations 

in the range of 10 to 30 Hz, resonance of most structures, that have a 

usual natural frequency of less than 0,5 Hz for flexibles structures 

and up to 4.0 Hz for stiff ones, is unlikely. For the stiffest struc

ture that have a natural frequency close to those of the ground vibra

tions the resonance is also unlikely because the vibrations induced by 

impact hammers are trancient which are less conductive in producing 

resonance than steady state vibrations. D'Appolonia (1975) showed that 

the possibility of resonant response of building components is un

likely because the operating frequ_ency of most impact hammers is in 

the range of 1 to 2 Hz. However, vibratory pile drivers operate at 

higher frequencies and the possibility of resonance does exist. 

Langley (1979) had a contrary opinion that impact driving tends to 

excite the ground at its natural frequency, typically 10-30 Hz. Buil

ding elements such as floors, ceilings, walls and windows can also 

have natural frequencies of this order and the conditions for resonant 

excitation are thus possible. The natural frequency of a building 

structure is obviously dependent on such parameters as size and the 

stiffness of its constructional material but typically for a 2 storey 

brick building it would be of the order of 6 Hz. Wiss (1981) found 

that the ratio of the frequency of the vibrations transmitted to the 

natural frequency of the structure is an important parameter. The 

closer this ratio is to unity, the greater response of the structure, 

therefore the lower should be the criteria (of damage). Since residen

ces have natural frequencies in the range of 4 Hz to 10 Hz, a lower 

(damage) criteria have been suggested for lower frequency ground vi

bration than for higher frequency vibration. Wiss's conclusion can be 

seen in the Swiss standard (1978). It is important that any investiga

tion considering the effects of pile driving on adjacent structures 

should examine the potential for resonance of the structures. 

The frequency of ground vibrations at the base can be predicted from 

the type of driving equipment and the distance from the pile. Clough 

and Chameau (1980) measured the ground acceleration and frequency in 

the vicinity of steel piles being driven with a fixed frequecy (1100r 

pm) vibratory hammer .. It was observed that the response was steady 

state with a frequency essentially equal to that of the hammer (18 

Hz). Additionally, over distances which the amplitude of vibration is 
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significant, the frequency of vibration was essentially constant. The

refore, for vibratory hammers, the frequency of the ground vibration 

at the structure base can be estimated as the frequency of the pile 

driver that typically range between 15 to 30 Hz. Lacy (1985) had 

similar remarks that driving by a vibratory hammer forces the ground 

to oscillate at the vibratory's operating frequency. Vibratory hammers 

have an operating frequency generelly between 22 and 28 Hz, however, 

with at least one type that can vary between 7 and 27 Hz. This conti

nuous vibration is typically close to, or above, the natural frequency 

of the surrounding soil deposit into which piles are driven. A vibra

tory hammer operating at a frequency that is resonant with the ground 

can produce a large increase in amplitude of ground motion. When the 

hammer operating frequency exceeds the natural frequency of the soil 

in which the pile is being installed, resonance may be experienced 

each time the hammer is started or stopped. It is, therefore important 

to minimize interruptions in hammer opperations. Due to possible reso

nant response in buildings, the potential for damage from vibratory 

hammers may be greater than from impact hammers, Wood (1982). It is 

therefore recommended that the transmitted peak velocity, that is 

considered as an index of damage, for vibratory hammers should be only 

1/2 to 1/3 that permitted for impact hammers, Wiss (1967), Bertok 

(1985). 

For other types of pile driving equipment, the frequency is more dif

ficult to predict. Evaluation of the existing litterature shows that 

the typical range of ground vibrations induced by impact hammers is 

between approximately 10 to 30 Hz, Schwab (1985). The frequency of 

ground vibrations induced by impact hammers, like the intensity, is 

dependent on many factors: type and energy of hammers, type of piles, 

soil conditions etc, Martin (1980) and Wood (1985). For the same vi

bration, the frequencies for different components are also different. 

From their measurements, Brenner and Chittikuladilok (1975) found that 

the frequencies of the ground motion in the range of the highest amp

litudes varied between 12 to 25 Hz for the vertical component and 

between 28 to 33 Hz for the radial and tangent components of vibra

tion. They observed no significant relationship between frequency 

range and type of soil, but Martin (1980) showed that in the clay ma

terial the dominant impulse frequency (of the Rayleigh) wave was 

between 20-30 Hz, whereas on the silty soil the preferent frequency 
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was lover, about 11 Hz. 

There are clearly different, even contrary options on the role of the 

frequency of ground vibrations induced by pile driving in the resulted 

damage of structures. But it is agreed that the frequency is one of 

the most important factors. 

Another important factor that should be taken into account in the pile 

driving problem is the duration of the vibrations. Regardless of the 

type and condition of the structure, the longer the duration of the 

vibration is, the greater damage of structures may occur, Schwab 

(1985). Consequently, damage is usually greater for vibratory hammers 

than for impact hammers. 

3.2 Effects of Ground Movements 

Pile driving near existing structures may result in unacceptable sett

lements, especially differential settlements, or localized heave 

within a zone immediately adjacent to the pile. Settlement/heave of 

structures caused by pile driving is generally nonuniform and occurs 

instantaneously. Consequently, settlement from pile driving generally 

produces more dammage than an equal amount of settlement due to the 

dead weight of the structure. Skempton and MacDonald (1956) suggested 

that an angular distortion of 1/300 and 1/150 for steel and concrete 

frame structures with bearing walls will likely produce architectural 

and structural damage, respectively. There are also similar sugges

tions used in various building codes. This will be discussed later, in 

Chapter 4. 

Damage due to ground vibrations caused by pile driving often occurs in 

structures rather close to the source or in structures in poor condi

tion. However, damage of structures due to settlement caused by pile 

driving may happen at a considerable distance from the source and it 

can be more significant than structual damage due to transmitted vi

brations. Settlement due to pile driving is caused by densification, 

liquefaction or lateral movement of the supporting soil. Which pheno

menon causes the settlement is dependent on the existing soil condi
tion. The magnitude of the settlement is dependent upon the soil con

ditions, the vibration amplitude and some other factors. 
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Soil characteristic is the key element in creating a potential for 

settlement. The soils with the greatest settlement potential are cohe

sionless soils, especially loose sands and silts below the ground 

water table. These soils experience densification and a loss of 

trength due to the increase in pore pressure caused by the volume 

change from piledriving. As pore pressure increases, the effective 

stress of the soil increases and the shear strength correspondingly 

decreases. This reduction in strength results in densification of the 

soil under a constant surcharge pressure. 

Clough and Chamean (1980) measured the settlement of two similar soil 

deposits, saturated sand fill over bay mud, having different densi

ties, due to the same amplitude of ground vibration. It was found that 

the lower density, soil experienced the greater settlement, see Fig 

3.2. This is attributed to the significantly greater strain in the 

lower density soil at the same level of ground acceleration as illu

strated in Fig 3.3. Laboratory studies, Silver et al (1971), have de

monstrated that volume decrease can occur at low cyclic strain ampli

tude after many repetitions, as in pile driving, as well as under re

latively few cycles at large strain, as in a seismic disterbance. 

Also dry cohesionless soils experience densification and settlement 

due to transient vibrations. The settlement is due to the re-arrange

ment of the soil particles to a more dense state, and is simular to 

the densification that occurs from the compaction of soils by vibrato

ry equipment. Since there is no dramatic loss of strength during den

sification of dry cohesionless soils, the settlement is often signifi

cantly smaller than that for wet cohesionless soils. The initial 

density of soils, as well as the confining pressure, influences the 

magnitude of settlement. Similar to the saturated cohesionless soils, 

the potential for settlement decreases as the density of the soil 

increases and the confining pressure increases. This is illustrated in 

Fig 3.4, Heckman et al (1974) where the critical acceleration, below 

which no settlement occurs, is related to confining pressure and 

density of soils. This cirtical acceleration that was first introduced 

by Dalmatov et al (1968), represents the acceleration at which the 

frictional resistance between soil particles is overcome. No re

arrangement of the particles and consequent settlement occurs until 
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the vibrations exceed the frictional resistance of the soil. This re

sistance increseas with an increasing density and confining pressure 

of soil. 

Material properties of interest appear to be those traditionally asso

ciated with lignifaction potential. The range of gradation of sands 

susceptible to seismic liquefaction, Bhandari (1981), is shown in 

Fig 3.5 with gradations of sands involved in the case histories. 

Cohesive soils below the ground water level also experience settlement 

from pile driving vibrations.These soils initially heave due to an 

increase in pore pressure, consequently followed by consolidation and 

settlement as the pore pressure dissipates with time. A typical re

sponse of this type, observed by Lambe and Horn (1965), is shown in 

Fig 3.6. It should be noted that such a heave also causes damage to 

structures. Within a zone 2 or 3 times the pile diameter immediately 

adjacent to the pile driving, the soil is remolded due to the penetra

tion of the pile with a corresponding change in the strength and com

pressibility of the soil. Initially, the undrained strength of the 

soil decreases substantially as the soil is remolded and the pore 

pressure increases. However, over time, a major portion of the 

strength is regained as the pore pressure dissipates and the broken 

bonds between the soil particles redevelop. The rate of strength 

regain corresponds with the dissipation of the excess pore presure. 

Soils most susceptible to this type of phenomenon are soft to medium 

soft clays, D'Appoloninia (1971). Extensive data have been accumulated 

in Chicago and Boston. Both cities are underlain by deposits of soft 

to medium clays, Fig 3.7. Measurements made by Ireland (1955) on a 

large number of observation points in Chicago are summaried in Fig 

3.8. Most of the data from the Boston area have been acquired on the 
MIT campus, Lambe & Horne (1965), and D'Appolonia & Lambe (1971). 

Maximum measured movements of nearby buildings on shallow foundations 

adjacent to four pile construction sites at MIT are shown in Fig 3.9. 

It can be seen in the figures that during pile driving, a heave as 

large as 50 mm ever occured in Chicago, while the adjacent structures 

in Boston heaved 2 to 10 mm. The maximum settlements were on the order 

of 75 mm i Chicago, while 40 mm in Boston. Measurable settlement 

occured at distances of 30 m or greater in both cities. The curves in 

Fig 3.8 apply to cases where high capacity piles are driven with 
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minimum displacement through about 30 m of moderately sensitive soft 

to medium clay. For these conditions the movements of nearby structu

res is determined by the average pile density that is defined as the 

number of piles per unit foundation area. The smaller the number of 

piles per unit area, the smaller the movement (both settlement and 

heave) of the adjacent structures. The Chicago measurement were prima

rily for cases where low capacity, high displacement timber piles were 

used in a similar clay. The pile densities in Chicago were much 

greater than for the Boston cases and apparently the Chicago movements 

were much larger. Bjerrum {1967) cited as an example a case where 

driving 21 m long timber friction piles in a sensitive clay caused an 

adjacent building, some 10 m from the pile driving, to settle more 

than 75 mm. In the construction site of a telephone exchange building 

in Tokyo, Hokugo (1964), the measured heave and lateral displacement 

at the surface were quite large, see Fig 3.10. The pile density in the 

test area was 0,5 piles/m2 =(63 piles were driven). This density is 3 

to 6 times greater than the pile density used in the MIT campus. Also 

the Tokyo piles were large-diameter displacement piles wheras the MIT 

piles were placed in prebored holes. Correspondingly, the maximum 

heave measured in Tokyo is much larger than in Boston. 

The energy released in the pile driving is also a basic parameter to 

be considered. In Fig 3.11 information from case histories is asembled 

on the peak particle velocity versus distance from the energy source 

generated by a variety of driving hammers and pile types. This rela

tionship of velocity, distance and energy input is the starting point 

for assessment of pile driving effects. However, a simple relationship 

between energy input, distance and settlement cannot be expected 

because a variety of other factors intervene, including the total 

energy expended in the entire course of pile driving, the vulnerabili

ty of adjacent foundations, and the increase of shear stresses in 

ground caused by the new excavation that is often made together with 

pile driving, etc. But it is clear that the greater the energy input, 

the large settlement of adjacent structures. And since the settlement 

produced by pile driving is the result of the repetition of extremely 

small individual pertubations, those factors that increase the total 

vibration energy input, or the time span over which it is continued, 

will increase settlements. The factors included are the depth of over

burden, intensity of final driving resistance, number of piles, and 
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overall size of the site. In other words, the mere size of a job can 

change a situation from insignificant vibration effects to damaging 

settlements, Lacy (1985). 

Traditional cautions in operating vibratory hammers, are more or less 

confirmed by case histories Lacy (1985). A vibratory hammer operating 

at a frequency that is resonant with the ground can produce a large 

increase in amplitude of ground motion. Potential for soil densifica

tion and resultant settlement are magnified. Interruption in the 

hammer operating is therefore undesirable. 

Greater settlement is experienced during hard driving of piles than 

during normal driving. Hard driving occurs when an obstruction is en

countered and the energy normally dissipating by the penetration of 

the pile is now reflected back into the pile and expanded in the sha

king/vibrating of the pile and the soil. Therefore, higher level of 

ground vibration, and consequent larger settlement can be expected. 

Comparisons of particle accelerations measured by Clough and Chamean 

(1980) during normal and hard driving of sheet piles are shown in Fig 

3. 12. It is indicated that during hard driving, acceleration increases 

in both horitzontal and vertical directions. The distance of noticeab

le settlement for hard driving may extend up to 25 m from the source, 

while this distance varies from 9 to 15 m for normal driving. 

Structures most susceptible to differential settlement are those on 

shallow foundations, regardless of the type of supporting soils. 

Structure with piled foundations, however, can also experience sett

lement from pile driving. Structures on friction piles can experience 

a temporary loss of frictional resistance when subjected driving vi

brations, Lynch (1960). Settlements of piles supported structure may 
-

occur due to the build-up of large negative friction loads on the 

piles, created by the densification of the surrounding cohesionless 

soil. Generally, settlement of piles supported structures is usually 

less than that of structures fonded directly on natural soils by 

shallow foundations. Piles up to 9 m away from the pile driving are 

susceptible to settlement of this nature, Schwab (1985). 
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4. DAMAGE CRITERIA 

Damage of structures during pile driving is caused by many factors, 

but mainly by ground vibrations and ground movements. So far there 

have been a number of guides and codes in which different criterias 

for damage of structures due to ground vibrations are suggested, while 

there is no clear criteria for safe limits for ground movements due to 

pile driving that an adjecent structure can tolerate. 

4.1 Vibration Damage Criteria 

Though many millons of piles are driven each year, largely in the 

dense-populated cities that lead to cracking and sometimes serious 

damage to buildings, few studies have been made on safe limits for vi

brations induced by pile driving. The existing crieria have mainly 

been deduced from blasting tests. Explosure of a structure to blas

ting, however, differs somewhat from that of pile driving, since the 

number of vibration cycles is usually muck less than that resulting 

from driving a large number of piles, although the amplitudes of the 

initial stress pulses may be considerably larger. Crockett (1979) 

showed that in blasting, the total number of cycles of ground vibra

tion seldom adds up to more than a few hundreds, while a small piling 

contract on the other hand may easily produce ten thousand ground 

waves, and a large contract can even make up to some millions. 

In discussing what damage criteria should be specified for pile 

driving operations, a distinction must be made as to what type of 

damage is to be prevented or minimized. Vibration damage may commonly 

be divided into architectural (minor) damage and structural (major) 

damage. Architectural damage may include such items as cracked plas

ter, boken windows, damaged non-bearing walls, or shifting of door and 

window frames which does not affect the structural or load carrying 

capacity of the affected building. Structural damage should be consi

dered as the type that would impair the funtion and use, or affect the 

integrity of a structure. Some common types of structural damage are 

cracked or shifted foundations, cracked beams or columns, and damaged 

load-bearing or shear walls. 

Damage of structures due to ground vibration induced by pile driving 
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is a complex problem. There are many factors relating to damages, inc

luding source of vibrations, constructional type, condition of buil

ding, soil conditions etc. There are also many values based on which 

various damage criteria can be formed: peak particle acceleration, ve

locity, displacement, frequency/period and duration of ground vibra

tions. A rational criteria should include consideration of the respon

se of the ground as well as the response of structures. 

4. 1 . 1 Criteria based on Peak Particle Velocity 

Many studies show that damage in a building is most directly related 

to the peak particle velocity of ground vibrations. This does not 

imply that velocity is the direct cause of damage, as frequency and 

duration, e.g., are also important factors. Today, it is generally 

agreed that a potential damage effect in a structure due to a transi

ent ground motion is proportional to the product of the force develo

ped and the time in which this force acts. This results in a quantity 

which in its turn is proportional to particle velocity. This has been 

confirmed experimentally by statistical analysis of a large number of 

blast vibration measurements and the associated structural damage, 

Nicolls et al (1971). Moreover, for a bar vibrating longitudinally it 

can be shown that the maximum dynamic stresses, which in turn are 

related to possible damage, are proportional to the peak partical ve

locity, Richart et al (1970), that is: 

a x max = VJEQ (4. 1) 

where, v. is the peak particle velocity, a x max is the maximum 

dynamic longitudinal stress, Eis Young's modulus and Q is the density 

of the bar material. 

Examination of the damage thresholds obtained from the early studies 

indicates that a peak particle velocity on the order of 50 mm/s (2 

in.ls) in the ground adjacent to the monitored structures is a reaso

nable safe level. This criteria was first suggested by the United 

States Bureau of Mines, see Edwards and Northwood (1960) and Nicholls 

et al (1971). The particle velocity at damage from the different blas

ting tests are compared with the recommended criteria in Fig. 4.1. 

Some other authors suggested different values, higher or lower than 50 
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mmls (2in.ls), as safe levels. The results of these studies are pre

sented in Fig 4.2. 

During several years of experience, however, there have been indica

tions that this limit may not be adequate. Chae (1978) showed that 

damage to structures had occurred when the velocity had been as low as 

6 mmls (0,25 in.ls). On the other hand, the value of 50 mmls has often 

proven for too conservative in many other cases. A close examination 

of the U.S. Bureau of Mines' report shows that more than half the 

structures studied suffered no damage from blasts that produced par

ticle velocities greater than 100 mmls (4 in.ls), while minor damage 

ocurred to some structures when the velocity was as low as 23 mmls 

(0,9 in.ls). The "2 in.ls criterion" for structures may therefore, be 

too conservative for some structures and not safe enough for others. 

This is because this criteration is based solely on ground motion. The 

peak particle velocity should be used as the design criteria, taking 

into account the type, age and condition of the structure. Chae (1978) 

classified buildings in four categories based on their age and type 

and condition and recommended new criteria, see Table 4. 1, that range 

from 0,5 to 4,0 in.ls (12 to 100 mmls) for each. The former for old 

residential structures in very poor condition, the latter for structu

res of substancial construction. 

DIN 4150:1970 and 1975 (provisional), German standards, use also dif

ferent limits of vibration, which are much lower than those suggested 

by Chae (1978), for different classes of building, see tables 4.2 and 

4.3. In these standards, a combined peak particle velocity, that is 

the peak velocity vector sum calculated from the peak particle veloci

ties in three orthogotal components measured at the base of the struc

ture, is used. 

Another standard, Standards of Australia ASCA23-1967, also divides 

buildings in three categories: buildings containing vibration-sensiti

ve equipment, residential structures, and commercial structures. The 

safe limits range from 15 mmls to 50 mmls for each, see Table 4.4. 

Damage criteria using particle velocity of ground vibration is also 

used in the Soviet Union. The permissible level of particle velocity 

for a particular building is assigned under consideration of the type 
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Table 4.1. Criteria recommended by Chae (1978). 

-·-
Peak particle Peak particle 

velocity. velocity. in 
in inches millimeters 

Class per second per second 
(1). (2) 

-----------·---
(3) 

I;,. 4 100 
Ill> 2 50 

Ille 25 
1vd 0.5 12 

----·-· 
3 Structures of substantial construction. 
\,Relatively new residential structures in sound condition. 
"Relatively old residential structures in poor condition. 
dold residential structures in very poor condition. 

Note: If structure is subjected to repeated blasti,;~·. or if blasting is done without 
instrumentation, lower category by one. 

Table 4.2. DIN Specification 4150 (1970). 

(a) The DIN Specification 4150 (1970 draft) 
The standard recommends for intermittent and shock vibrations the measurement 
of the resultant peak particle velocity vR arising in the foundation of the building. 
This entails the measurement of the three velocities on orthogonal axes vx(t), vy(t) 
and vz(t), and the resultant velocity is given by the expression: 

VRmax = jv~(t) + v;(t) + v;(t) 

In practice since the three components vx, Vy and vz have maxima occurring at 
different times, it is usual to make use of a 'substitute resultant' found from the 
three maximum peaks. 
Representative values of the resultant vibration velocity vRmax for use in assessing 
vibrations from sudden shocks: 

V Rmu permissible 
Class of building Nature of building (mm/sec) 

I Ruins and damaged buildings, 2 
protected as monuments 

II Buildings with visible defects, 4 
cracks in masonry 

III Undamaged buildings in technically 8 
good condition (apart from cracks 
in plastering) 

IV Well stiffened buildings 10-40 
(e.g. industrial buildings) 
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Table 4.3. DIN Specification 4150 {1975). 

(b) The DIN provisional specification 4150 (1975) 
Damage criteria are given in Part 3 of the Specification. The 1975 provisional 
specification criteria are similar to those in the 1970s draft, but differ in detail. 
The guide values for maximum peak particle velocity vR, determin~ as given in 
C3.5, are given for the frequency range 0-60 Hz: 

Guide values for the resultant vibration velocity at the building foundation for the 
assessment of the effects of shocks of short duration 

Class of Guide values for 
building Type of building vR (mm/sec) 

1 Residential buildings, commercial 8 
premises and structures similar in 
their cQnstruction which are 
satisfactorily maintained in compliance 
with the generally accepted rules 
of good construction practice 

2 Well-braced structures made of heavy 30 
structural elements and well-braced 
framed s.tructures, which are satisfactorily 
maintained in compliance with the 
generally accepted rules of good 
construction practice 

3 Structures other than those referred to 4 
in rows 1 and 2 and structures 
covered by a preservation order 

Notes: 
(a) If the blasting is more frequent than say twice a working day the guide values of the 
velocities should be reduced to two-thirds of those given in the table. 

(b) In general no damage is to be expected when the peak resultant velocity is less than 
2 mm,sec. 
(c} The guide values are not suitable when there is a possibility of ground compaction by 
vibration. 
(d) The guide values in the table are suitable for impact hammer pile driving provided the 
blows are infrequent enough for the vibrations to dissipate before the next blow occurs. 
(e) For vibrations in ceilings from blasting and pile driving guide values of up to 20 mm/sec 
in the vertical direction (t·,} may be permissible. 
(f} The guide values are not suitable for piling driven by vibro-hammer which gives rise to 
continuous vibration. 

It is recommended that one axis of measurement should be towards the source 
of vibrations or parallel to one of the side walls of the building. In large buildings 
the vibrations should be measured in several places simultaneously including the 
foundations, the ceiling and uppe~ storeys. 
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Limiting value of vR 
Category of structure (minor, non-structural damage) 

1. Buildings containing sensitive 
equipment 15 mm/s 

2. Residential structures 25 mm/s 
3. General commercial structures not 50 mm/s 

included in 1 or 2 

Table 4.5. Threshold of damage in terms.of total vibration(*) for 
different structures and number of vibration cycles in the 
frequency range 10 to 60 Hz (from Bendel, 1971). 

Material Stone Brickstone Reinforced Concrete 

Type of Old Buildings; Residential Retaining Walls; 
Structure Historical Ruins Buildings Industrial Buildings 

Number of vibra-
tion cycles: 

One 3 lo I O mm/sec 10 to 15 mm/sec 30 - 50 mm/sec 
Repeated 2 to 5 5 to I 0 20 - 35 
Continuous I to 3 3 to 7.5 15 - 25 

(") l'tot = ✓ v~ + vf + v~ 

Table 4.6. Swiss Association for Standardization (1978). 

Frequency Blasting Traffic or 
bandwidth induced machine-induced 

-Hz PPVmm/s PPVmm/s 

Steel or reinforced concrete 
structures such as factories, 10-60 30 
retaining walls. bridges, 60-90 30-40 
steel towers, open channels, 10-30 12 
underground tunnels and chambers 30-60 12-18 

Buildings with foundation walls 10-60 18 
and floors in concrete, walls 60-90 18-25 
in concrete or masonry, under- 10-30 8 
ground chambers and tunnels 30-60 8-12 
with masonry linings 

Buildings with masonry walls 10-60 12 
and wooden ceilings 60-90 12-18 

10-30 5 
30-60 5-8 

Objects of historic interest or 10-60 8 
other sensitive structures 60-90 8-12 

10-30 3 
30-60 3-5 

http:terms.of
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Table 4.7. Criteria used in the Soviet Union (from Rud, 1978). 

(a) Type of buildings and soils. 

Group of soils 
of building 

and structure 
Sands 

clay 
sand 

bases 

Dense. except fine and silty hard 
sa_turated ones 

2 Iv1edium-dense, except silty soft 
saturated ones: dense fine, 
saturated 

_, Loose: dense and medium very soft 
dense,' silty saturated ones; fine, 
medium-dense saturated 

(b) Permissible vibration velocity for buildings. 

Description and design features of strncturc:-; 

Iodustrial and civil buildings with steel carcas without filling. 
Buildings and structures in which no additional stresses arise due 
to nonuniform settlements. Tall rigid structures. 

Industrial and civil buildings with reinforced-concrete carc;:1s with
out filling and with steel carcas with filling. C-urcasless buildings 
with bearing walls of masonry and large blocks \\'ith reinforcement 
or reinforced-concrete belts. 

Industrial and civil buildings with reinforced-concrete carcas with 
filling. Carcasless buildings with bearing walls of large blocks and 
brick masonry without reinforcement. 

Carcasless large-panel buildings. 

sandy sundry 
clay soils 

hard, semi-hard 
very stiff 

soft, very soft 

very soft Silts. high peaty 
soils and peats. 
\fade up ground 

Pcrmissibl e vibrationGroup of 
velocity of soil (cm/s)structures 
dcrending on groupas per state of footing soil 

I 6.0 4.5 1.5 
If 4.5 3.0 l.O 
Ill 3.0 2.2 0.7 

J 5.0 3.0 I.O 
II 3.5 2.2 0.7 
Ill 2.5 1.5 0.5 

I 4.0 2.5 0.8 
II 3.0 !.5 0.5 
III 2.0 1.2 0.4 

l 3.0 2.2 0.7 
II 2.0 1.5 0.5 
IU 1.5 1.0 0.4 
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and condition of the building, the type of building foundation and the 

soil condition, see Tables 4.7a, 4.7b, Rud (1978). 

Crockett (1979) recommended criteria that take into acccount whether 

the building is ancient or modern, specific construction details, and 

degree of distress for both ancient and modern buildings, type of bu

ilding, type of soil, the cumulative effect of vibration (number of 

ground waves) and an "importance factor". The formula for working out 

the guide to the actual acceptable ground vibration intensity can be 

stated as: 

104 (Basic Intensity) + 0,6 (Weighting) 

V= 4 L x Importance Factor (4. 2) 

where, V= good practical guide to acceptable intensity of peak 

particle velocity; 

L= number of ground waves of the measured intensity 

Base intensity=Base working intensity pattern for 

appropriate structure at measured frequency; 

Weighting= Algebraic addition of weightings from 

Importance factor= Factor ranges from light industrial to 

sensitive, ancient, historical buildings, on a scale from 1 

to 10. 

Bendel (1971) also presented damage thresholds as a function of mate

rial type, condition of the structure and number of vibration cycles. 

These recommendations are reproduced in table 4.5. 

The new Swiss standard for vibration (1978) differentiates between ma

chines, traffic and blasting, categorizing all buildings in four clas

ses. For each class of building, the permissible levels vary with fre

quency, as shown in Table 4.6. The Swiss criteria are more restrictive 

than the criteria suggested by Langefors et al (1978), Edwards and 

Northwood (1960), and the U.S. Bureau of Mines (1971). Different ob

served and anticipated damage thresholds and different standardized 

damage criteria are compared in Fig 4.2 and Fig 4.3 respectively, Wood 

and Theissen (1982). Another comparison made by Brenner et al (1985) 

is shown in Fig 4.4. 



58 

PEAK PARTi(lE VELOC:TY (iN.:SEC.I 
0.08 o. 1 0.2 0.4 0.6 0.i: 1 6 8 10 20 

I I I I I I I I I I I I I I I I l I II I 

BR£ POSS:BllllY Cf P?08A8lf CL.11.L(,.{ ICI I 
'.All I( 1970) PtAS!(Q (IHU5 t0A(l 8(.t.'l!NG l•li::::s 

P( A)o(J$Si8l( 

DIN 4150 VIBPA I !O" 
I { V( t( 1971) 

PROPOSED Pf R"IISSIBL( I 
\. :S4J I IGH Cl t.SS ?R£V!S!OH 
If Vf l 

Pf PXl SSlBt( 
-VJ BQ!.1 !Oli 

tli[l I 
rt :.:11:<.·-:su 
~ !B~ ! ": : '.)Ii :t!\< .. 
tl\!! I I 

P! t1x ! ·.~!flt l 

I iV )Bt/17!(11./ •t!'.\SAS tr,·rt 

rt PXiSSliH £ I 
d8t>:.7J(ii.: (1:.·.· ...... 
tlv!t 

f-------.-----'------+------10 
rt R)(JSS!et( I 
'. l8R! T!C'1 
t!Vlt 

r1 i;-•: s~ !Ri. ~ 
V!8'1td !Cl( ,J!,',:,: 
t(\'flS I ---------------,-----, ... 

P( .:i11tSS!81 f 
";J8QA I lOli '. I :. ~., 

l IV{ l S ~ ,.I 
PI IH1l$Sl8l( 
vtSAAllOH 
l ( V( l S I 

P(RXISS!Bl[ I 
VlBRAI ION I r,, .. , ;. 
Lf.lftS 

I I I I I I 11 I I I I I I II I I I I I I I 

S 10 so 100 SOO 

PEAK PARTICLE V(IOClTY (M~/S(C. 

Building Class Type of Structure (MN/Sec.) 
2 -l(-1 Ruins, historic monuments in poor 

state of repair 
2 Buildings with visible damage, cracks 4 

in walls 
3 Buildings without damage in good state 8 

repair (may have plaster cracks) 
4 Well-stiffened structures 10 to 40 

(e.g. industrial buildings) 

GERMAN STANDARD DIN ~ 150 (PROPOSED REVISION). 1971 
BRENNER & CHITTIKULADILOK ( 1975) 

Buildings in steel or reinforced concrete, like factories, retaining 
walls, bridges, steel towers, open channels; underground chambers 
and tunnels with and without concrete alignment. 

11 Buildings with foundation walls-and floors in concrete, walls in con
crete or masonry; stone masonry retaining walls; underground 
chambers and tunnels with masonry alignments; conduits in loose 
material. 

1ll Buildings as mentioned previously but with wooden ceilings and 
walls in masonry. 

IV Construction very sensitive to vibrations; objects of historic interest. 

NEW SWISS STANDARD FOR VIBRATIONS IN BUILOJNGS 

WISS (1981) 

* Permissible resultant peak particle velocity, Vres' on foundation of 
building· 

Fig. 4.3. Standardized damage criteria (from Wood et al., 1982). 
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111 Probable damage to load bearing structural units 
IV Damage to load-bearing units; destruction 

Fig. 4.4. Damage criteria for structures (note: displacement, veloci
ty and acceleration: term of peak values or single amplitu
tes) (from Brenner et al., 1975). 
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Wiss (1981) related construction vibrations to damage criteria by su

perimposing the typical intensities of vibration from the operation of 

construction equipment upon the two thresholds of possible damage that 

are commonly used in the United States, 2,0 in.ls for residential 

structures and 4,0 in.ls for commercial buildings, see Fig 4.5. It 

should be recognized that some of sources are transient (impulsive) 

vibrations, others represent steady-state, and others are pseudo

steady-state vibrations. For purposes of this presentation, they have 

been lumped together. It is emphasized that these are "threshold" 

values which generally must be exceeded before damage is likely to 

occur. It should be noted that for steady-state vibrations, the thres

hold values are often suggested to be much lower than those of transi

ent vibrations. Bertok (1985) suggested the values on 3 in.ls and 1 

in.ls for impact vibrations and steady-state vibrations, respectively. 

And Wiss (1967) recommended that the transmitted peak velocity for vi

bratory hammers (steady-state vibrations) should be only 112 to 113 

that permitted for impact hammers (impact vibrations). Wiss (1981) 

also suggested criteria for underground utilities such as concrete 

drainpipe, sewer and water mains, and pipelines. In his experience, 

particle velocities of 75 mmls (3 in.ls) have not damaged pipes and 

mains. Further, high pressure pipelines have withstood 250-500 mmls, 
(10 in. Is - 20 in.ls) without experiencing any distress, as apparent 

from dynamic strain gauge measurements. 

Another problem that commonly arises in construction jobs is the safe 

level of transient vibrations in the vicinity of young concrete that 

increases in strength with time. Concrete is considered to be essenti

ally at full strenght after 28 days, see Fig 4.6. There have been dif

ferent opinions about the particle velocity that full-strenght concre

te can withstand: 125 mmls (5 in.ls), Wiss (1967); 100 mmls (4 in.ls), 

Atkins and Dixon (1979); 45 mmls (3 in.ls), Ontario Hydro (unpublis

hed). Because the stress level is proportional to the particle veloci

ty, the criteria can be established when it is known how the concrete 

attains strenght with time, e.g., when the concrete attains 10 % of 

it's full strenght, the permissible level for vibration would be 7.5 -

12.5 mmls, and when it attains 50 % strength, the according level 

would be 40 - 60 mmls, Wiss (1981). 
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4. 1.2 Other Criteria 

Although peak particle velocity is now the preferred index, numerous 

other measures have been sugggested, in which, peak particle accelera

tion, displacement, energy ratio, and some other values are used as 

singel parameter indexes. 

The U.S. Bureau of Mines (USBM), beginning in 1935, made a study of 

quarry blasting, in which acceleration was used as a threshold of 

damage. In the conclusion, it was said, Thoenen and Windes (1942), 

that "An acceleration of 1.0 g proved to be the best index of damage. 

Slight damage or the preliminary phases of damage fell within 0.9 g 

and 1.0 g". Intensity of an earthquake is usually related,in the 

U.S.A.,to the Modified Mercalli (MM) scale. But the MM scale relates 

only to the physical effects of an earthquake. MM V, for example, con

tains the reference "cracks windows - in some cases, but not general

ly". Thus MM V may be considered as lower limit of minor building 

damage. Magnitude for earthquakes was independently defined, Richter 

(1935), and relationships developed between magnitude, intensity and 

acceleration, Gutenberg and Richter (1942, 1956), as follows: 

log a= I/3 - 0.5 

magnitude= 1.3 + 0.6 I (4. 3) 
0 

magnitude= 2.2 + 1.8 log a 
0 

where, the logarithm of a is the base of 10; acceleration, a, is in 

units of cm/s 2
; I and a refer to intensity and acceleration at the 

0 0 

epicentre of the earthquake. In applying these equations to damage Gu-

tenberg and Richter (1942) stated, "the lower limit of damage ( i nten

si ty 6) corresponds to a magnitude slightly below 5, with an accelera

tion of about one-thirtieth of gravity". The earthquake data and 

the USBM 1942 data are summarized in Table 4.8. However, a wide range 

of values of the measured ground acceleration, derived from blast and 

earthquake, which had caused damage to structures in the U.S.A., indi

cates serious defects in using acceleration as a single criterion for 

the threshold of damage. 
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Table 4.8. Threshold of Damage (from Jackson, 1967) 

Source of Data Acceleration Remarks 

Modified Mercalli 0.015 g* Few instances of cracked 
2 

Intensity V 15 cm/s * plaster 

Gutenberg-Richter 0.033 g Lower limit of damage 

Mag. slightly below 5 

USBM (1942) 0.10 g to 1.0 g Slight damage or preliminary 

phases of damage 

* Calculated values using Gutenberg-Richter equations (1942). 

The Soviet seismic standards is also based on acceleration. Rud (1978) 

found that the seismic standards can not be used for evaluating the 

effect of vibrations from pile driving on buildings. It is because 

seismic vibrations have much larger amplitudes and their periods are 

closer to the intrinsic periods of the building, while during pile 

driving the soil and building vibrations damp out between two succes

sive impacts of the hammer, i.e. it is unlikely for the building to 

resonate, in distintion to seismic vibrations. 

Crandell (1949) suggested an index called Energy Ratio (E.R.) that can 

be used as a measure of damaging force possibly imposed upon structu

res due to ground vibrations. The Energy Ratio is defined by Equation 

(4.4a). 

a2 
(4.4a)ER = f2 

where a=acceleration in ft/s 2 

f=frequency in Hz, 
or 

a2
ER =11.1 (4.4b)r2 

where a= acceleration in m/s2 

Extensive vibration surveys and investigations have shown that if the 

ER-value is below three, there will commonly be no damage to structu-
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res. For Energy Ratio over three, damage could occur to structures in 

poor conditions. And with an E.R. value of six or more, structures 

could be seriously damaged, see Fig 4.7, Luna (1967). 

Ze 11 er proposed an i ndez "Z" defined as acceleration 2 /frequency with 

units mm 2 /s3 which was further developed by Kock (1953) as the 

Vibrar, S=10 log (z/10). These measures were originally related to 

human respons, but it was suggested that there was a risk of slight 

structural damage when the Vibrar-value exceeded 40, Siar (1961). Koch 

(op.cit.) however suggested another Damage Figure criteria which was 

defined as the "energy per unit mass vibration for a time which is a 

quarter of the period of the vibration". This is clearly a response

based criteriation. These guides are summarized in table 4.9. 

Rud (1978) observed a number of buildings affected by vibration from 

pile driving and used the various criteria, proposed by Koch, Zeller, 

Keller, Grandel etc, to evaculate the vibration effects. The conclu

tions were that "prediction of damage to buildings from pile driving 

with the use of Zeller's, Kock's, Keller's and Grandel's scales and 

the Soviet seismic scale cannot be recommended. One of the feasible 

criteria for evaluating the dynamic effect of pile driving on buil

dings is the vibrations (particle) velocity of the soil according to 

the explosion scale adopted in the Soviet Union", see Section 4. 1. 1. 

Recently, several investigators have been working on the response 

spectrum. By this method, the amplitude of the vibrations induced in a 

structure is a function of the natural frequency and damping characte

ristic of the structure, and the frequency composition and magnitude 

of the ground motion. A response spectrum is a plot of the maximum re

sponse, (e.g. displacement, velocity or acceleration), vs. frequency 

(or period) of vibration, of a single-degree of freedom (S.D.F.) os

cillator, subjected to a given base motion, see Fig 4.8. The response 

spectrum, therefore provides the response of a structure to the 

applied ground motion over a range of frequencies, for a given damping 

value. The technique can be applied to all types of structures. A 

typical response spectrum is shown in Fig 4.9. 

Hudson and Hudsner (1957) used successfully the response spectrum te

chnique for predicting response of a three-storey building due to a 
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Table 4.9. Other criteria for building damage (from Skipp, 1984). 

(a) Caucion limics for displacement amplitude (blascing) 

Type of property Allowable amplitude, Jim 

Civil engineering structures 760 
Isolated properties 400 
Closely congregated houses and properties 200 
Structures of great value and frailty (e.g. ancient monu

ments and churches) and properties in poor condition 100 

(b) Crandel/'s 1949 energy racios (blasting) 

Energy ratio (ER) Likelihood of damage 

Imperial ft 2/sec 2 Metric m 2/scc 2 

less than 3 less than 0.28 safe 
3 to 6 0.28 to 0.56 requires caution-old structures in poor 

condition likely to be damaged 
greater than 6 greater than 6 dangerous to all structures 

(c) Lange/ors criceria (blascing) (Lange/ors and Kihlscrom. 1978) 

Peak particle velocity (mm/sec) Possible damage effect 

less than 75 no noticeable cracks 
75-100 insignificant cracking and fall of plaster 

100-150 cracks 
150-225 serious cracks 

(d) Sior damage criceria (piling) 

Sior's (1961) degree 
of vibration Strength in vibrars Possible damage effect 

1 0-30 none 
2 30-40 light damage such as plaster cracks but cracks 

in loadbearing structural units possible 
3 40-55 damage in loadbearing structural units possible 
4 greater than 55 damage in loadbearing structural units, 

destruction of entire structure 

(e) Zeller's criceria (concinuous) 

Rating or Zeller value Description 
degree mm 2 /scc 3 

1-3 0-2 500 no damage 
3-4 2500-10000 possibility of fine cracks in plaster 
4 10000-25000 possibility of small cracks in plaster 
6 1-5 X 105 possible slight structural damage 
7 5-20 X 105 serious cracking 
8 greater than 20 x tQ 5 severe (destructive) 

(f) Damag~ criceria in dbrars (conci1111ous) 

Strength of vibration 
(vibrars) Classification Possible dam.age effect 

0-10 imperceptible none 
10-20 light none 
2Q-3.0 medium none 
30-40 strong light damage (cracks in rendering) 
40-50 heavy severe (damage to main wa'lls) 
50-60 very heavy destruction 

(g) Damage Figure criceria (co111i1111ous) 

Damage Figure Equivalent_ in 
(mm 2/sec 3

) vibrars Extent of damage 

0-50 0-26 none 
50-500 

500-2000 
26-36 
36-42 

small cracks in rendering 
occasional slight cracks in walls 

2000-7000 42-47 cracks extend to main walls· 

where R = 2n 1 A'JJ is the Energy Unit or Damage Figure. 
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large quarry blast. But their work was not paid much attention until 

advanced measurement techniques and digital computer have been develo

ped. In 1967, Jackson was probably on of the first to propose the use 

of the response spectrum for predicting the damage threshold of a bu

ilding due the blast vibrations. He stated that the response spectra 

"offer potential promise because such spectra more completly reflect 

the various variables". Some recent authors, including Dowding (1977), 

Medearis (1977) and Naik (1979) used this technique to relate building 

response to structural damage from blasting vibration. It is no doubt 

that this method is one of the most promising measures to establish a 

rational criteria for damage of structures caused by vibrations from 

pile driving. The method, however, is expensive and time consuming. 

4.2 Movement Damage Criteria 

The allowable settlement of buildings is an important aspect of foun

dation design and a body of emperical knowledge has been accumulated 

to help to formulate criteria for design of new buildings. However, 

there are very little experience on the permissive additional sett

lement that an existing building can suffer when construction activi

ties happen nearby. The factors to consider when appraising the damage 

potential of movements caused by construction operations such as pile 

driving, dewatering, or excavation are somewhat different from the 

factors to be considered when judging the allowable settlement of a 

building under its own dead weight. 

In general, the additional movement that an existing building can 

tolerate is a function of the following variables: 

(a) Type of movement, 

(b) Rate of movement, 
( C) Magnitude and distribution of movement, 

(d) Type and construction of building, 

(e) Age and existing condition of building. 

The type of movement can have a large influence on the damage that the 

existing building can experience. In addition to vertical movement, 

horizontal movement and reversals of movement may occur. Horizontal 

movement that causes spreading of structural supports is usually more 

damaging than an equal amount of vertical movement. And reversals of 
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movement, particularly if rapid, are likely to produce more serious 

damage than movements occurring in only one direction. Pile driving 
may produce both horizontal movements and reversals of movement, sett

lement and heave, see Section 3.2. 

The rate at which the movement develops is also important. Most struc

tures can deform to a greater extent without damage or cracking if the 

deformation is slow rather than rapid. Slow movements enables a struc

ture to creep and deform plastically under the changing support condi

tions. Movements caused by pile driving, however, are relatively rapid 

compared to settlements occurring under the dead weight of a building. 

The age and condition of an existing building are obviously important 

factors to consider when establishing allowable movements due to pile 

driving. Old buildings in poor conditions may be sensitive to rapid 

movements. Masonry and concrete structures become brittle with age. 
Buildings that have already experienced large differential settlement 

before pile driving might be several damaged if subjected to additio

nal movement, even small. 

The amount of settlement that a building can safely tolerate is, of 

course, closely related to the structural type of the building and the 

distributions of the settlement. 

The allowable deformations of structures during and after their cons

truction have been investigated by Skempton and MacDonald (1956), May

erhof (1956), Polshin and Tokar (1957), Bjerrum (1963) and Grant et al 

(1974), and their results have become soil mechanics classics. These 

authors defined their criteria in terms of angular distortion W, hori

zontal strain £h' index of curvature I~. and even maximum sett-
lement Smax or maximum differential settlement (~S) max, see Fig 4. 10. 

The corresponding criteria are rather suitable for the cases of struc
tures that are gradually deformed under theirself weight through de

formations and consolidation of the subsoil. 

The movement caused by nearby construction that an existing structure 

can safely tolerate are in most cases less than the movements that the 

same structure can experience without damage during settlement under 

its own weight. Settlement caused by nearby foundation construction 
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usually occurs quickly and produces differential settlement. An exi

sting structure may be subjected in turn to concave or convex deflec

tions, to tensile or compressive stresses, or to distortions oriented 

in different directions. The special conditions call for a re-examina

tion of the values assigned to the allowable deformations of structu

res. This has been done, in particular, by Attwell (1977), 0'Rourke et 

al (1977), Hutchings et al (1977), and Chan et al (1981). 

Their results indicate that the criteria of deformation of structures 

are not yet very reliably established, and that it would be useful to 

develop methods for predicting the behaviour of structure subjected to 

imposed external deformations, Schlosser (1985). 

The available information does however make it possible to state 

orders of magnitude of the deformations beyond which structural damage 

start to occur. Attewell (1977) proposed the following maximum values: 

(a) for horizontal strains £hi 0.0005; 
(b) for angular distortion: 

w i 0.001 for load-bearing walls or brick-covered walls; 

w i 0.002 for structures with concrete-filled steel frames; 

w i 0.004 for structure with open frames; 
( C) for the index of curvature: fo i 0.001 

The study by 0'Rourke et al (1977) concerned load-bearing brick wall 

structures. It indicated the following thresholds for architectural, 

functional, and structural damage: 

(a) For architectural damage w=0.001 to 0.003 

(b) For functional damage 0.003 i w i 0.007 

(c) For structural damage w i 0.007 to 0.008 

Chan et al (1981) made field observations and theoretical analysis of 

the deformation of a masonry building by construction operations, pile 

driving and excavation. It was concluded that the threshold generally 

accepted for angular distortion was about 0.003 for the cases studied. 

The use of maximum differential settlement did not seem to be appro

priate because it was not sensitive to changes in strain but the 

values of tensile strain, maximum settlement and deflection ratio ob-
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tained at the onset of visible cracking were about 50 percent higher 

than those found by other investigators, Burland and Wroth (1974), 

Terzaghi and Peck (1967), and Pol shin and Tokar (1957). The study is a 

good example on how to predict the behavior of structures subjected to 

imposed external deformations. 

Criteria have also been established for the lengths of support of the 

various elements of building structures, Attewell (1977). 

In the field of mining subsidence, the diagram in Fig 4.11 is commonly 

used to define the severity of deformation of structures located on 

the ground surface. 

Peck (1970) offered a recommendation that is summarized by Fig 4. 12, 

see D'Appolonia (1971). The magnitude of the maximum allowable sett

lement at the outside wall is predicted on the indicated distribution 

of settlement inside the building. If the distribution of settlement 

is more uniform than shown in the illustration, a large settlement can 

be tolerated without causing damage. Conversely, if the distortion is 

greater, a smaller settlement will cause damage. The settlements given 

in Fig 4.12 are the maximum tolerable value without causing architec

tural damage. Greater movements are usually required to cause structu

ral damage. The maximum angular distortion implied by the settlements 

in fig 4.12 are in the range of about 1/250 to 1/500 (0.004 to 0.002). 

D'Appolonia (1971) proposed that if an existing building is in good 

condition and the additional settlement is limited to less than about 

one inch (25,4 mm) it appears that serious damage will be avoided in 

most cases. 

The above-mentioned limits suggested by different authors can be gene

rally applied for existing buildings subjected to imposed external de

formations, including ground movements due to pile driving. The 

problem is that to predict such ground movements. While it is rather 

easy to calculate statically caused settlements by the help of various 

theoretical and emperical methods, it is difficult to calculate sett

lements caused by dynamic load. 
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It has been agreed that settlements due to pile driving occur when the 

ground accelerations exceed the so-called critical acceleration value. 

The critical value of acceleration varies significantly depending on 

the soil characteristics, such as cohensionless or cohesive soils, 

density and confing pressure, and shoud be individually determined for 

each case. The concept of a critical acceleration was first suggested 

by Dalmatov et al (1967) and is illustrated in Fig 4.13, that shows 

foundation settlements versus ground acceleration for a saturated very 

fine sand. In this example, it was observed that no settlement occur 

for accelerations less than 100 mm/s 2 (about 0.01 g). Dalmatov also 

found that the critical acceleration values varied between 1 to 5 

percent of gravity (g). Szechy (1978) stated that "settlement can be 

expected if accelerations exceed 10 percent of gravity". 

It has been found that for most soil types or conditions, settlement 

decreases with distance from the pile driving, and the distance from 

the pile driving is a relatively reliable means for assessing the li

kelyhood of settlement. From the attenuation curve for ground accele

ration versus distance, shown in Fig 4. 14 for the above-mentioned sa

turated very fine sand having a critical acceleration of 100 mm/s 2
, 

one can determine that at distances greater than 7 m from the sheet 

piling of 8 m depth the ground acceleration becomes less than the cri

tical and no settlement will occur, Dalmatov et al (1968). 

For most soil conditions, pile driving within 6 m to 9 m from existing 

structures is potentially dangerous. Within 9 m to 15 m some signifi

cant settlement can be expected, however this settlement usually 

results in only minor structural and architectural damage. At greater 

distances, up to 25 m, only minor architectural damage can be expected 

with little damage likely beyond this distance. 

Potential exceptions from these general rules, are hard driving in 

stiff soils and deep deposits of soft clays where significant sett

lement can occur at distances up to 25 m from the source, Clough and 

Chamean (1980). 

Additionally, the duration and frequency of the vibrations and the 

soil type, density and confining pressure will influence and should be 

considered. For example the longer the duration, the closer the frequ-
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ency of the vibrations to the natural frequency of the soil, the 

greater the settlement. 

Besides, the increase in pore pressure due to pile driving results in 

the increase in lateral soil stress. This increase, in its turn, may 

overload the foundation wall or produce large lateral displacements. 

This zone of increased pore pressure and lateral soil stress is 

usually limited to 6 - 9 m from the point of pile driving. 

There have been some authors suggesting the use of the so-called cri

tical velocity. Lacy (1985) showed that structures settle from ground 

densification when peak partical velocities measured either on the 

structure or on the ground are substantially below 50 mm/s (2 in./s). 

Sperling and Hausner (1977) suggested to determined the critical velo

city of vibration by the following expression: 

Ver= 3.71 e (4. 5) 

where I D - density index of cohessionless soil in mm/s 
e - base of the natural logarithm. 

Basing on this critical velocity values, Formazin and Hausner (1985) 

proposed an expression for calculation of settlements caused by 

dynamic load: 

S = 2.3 lg _V_ [ 0.85 (1.76 lgV - 5.05 lg _v__1) __ 1_o_ 
£ Ver 5.74-Io 5.74-Io Ver 5.74-Io 

(4. 6) 

where V - velocity of vibration of thefoundation base, in mm/s 

£ - coefficient of absorbation of vibration in m- 1 
, 

determined by the expression: 

6.3 If
£ = (4. 7)

C 

where c - velocity of the prepagation of surface waves in the 

subgrade, in m/s 

f - frequency of vibration of the foundation base, in s- 1 
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Dalmatov et al (1968) proposed that the settlement under the action of 

dynamic loads may be determined by general equations for calculating 

foundation settlement under static loads, however, it is then necessa

ry to take into account dynamic stresses due to the action of the 

forces of inertia. The modulus of total soil deformation under dynamic 

action may also be determined in accordance with the results of the 

investigations made by Kovalevsky (1965). The additional compressive 

stresses from the action of the inertia forces are determined by 

general rules. 

It should be noted that so far there has not been any clear criteria 

for damage of structures caused by ground movements (settlement) due 

to pile driving, similar to those caused by ground vibrations. The so

called critical accelerations/velocities or critical distances offer 

only the conditions under which (dymanic) settlement may not occur. 

Criteria for damage of structures caused by settlement induced by pile 

driving must be similar to the criteria for settlement of new buil

dings under their dead weight. 
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5 VIBRATION MEASUREMENT 

The pile driving induced relative displacement of structures causes 

strains that can lead to cracking. These strains can be measured di

rectly or they can be estimated from measurements of the motions of 

the structure or the surrounding ground. This chapter describes the 

main characteristics of the measures either strains or the motions 

(acceleration, velocity or displacement), arrangements of measurements 

and some case histories. 

The magnitude of ground/structure vibration levels may be measured in 

terms of displacement (s), velocity (v), or acceleration (a). If the 

time history of the waveform is known, then numerical or digital inte

gration or differentiation may be used to relates, v and a as func

tions of time t: 

a= dv = u2 

( 5. 1 ) 
dt 2dt 

Often for simplicity, harmonic motion is assumed in converting from 

one mode to another. Real motions are almost always more complex, ir

regular, and variable than simple sinusoidal waveforms. However, since 

one often deals with orders of magnitude and logarithmic scales in vi

bration measurements, an approximate analysis may in fact be suffici

ent for many purposes. In these cases, the relationships among peak 

values of harmonic waves may be expressed by: 

a= 2rr f v = 4rr2 f 2 s ( 5. 2) 

where f = frequency of vibration 

Of principle importance for instrumentation monitoring the vibration 

waves are their frequency (f), amplitude range, and duration. As seen 

in Fig 5. 1, the wave has a peak partical velocity of 0.45 in.ls and a 

duration of about 1 sec, and it is composed of complex frequencies, 

one being 28 Hz, Fig 5. la. The frequency spectrum of the shot is shown 

in Fig 5.1b. The spectrum is a histogram of frequencies present in the 

vibration, with the relative amplitudes given in decibels (dB). 
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5.1 Instrument For Vibration Measurements 

An idealized field-portable vibration measurement system shown in Fig 
5.2, commonly consists of (1) tranducers that convert physical motion 
or pressure to an electrical current which is (2) transmitted through 

cables to (3) an amplifying system and a (4) tape, digital or paper 

recorder that preserves the relative time variation of the original 

signal for further reproduction or analysis by (5) a light beam oscil

liscope or dot matrix printer, or by (6) a personal computer. As one 

can imagine, there is an almost endless variety of different con

figurations of these six basic components. Some advanced analyzers may 

include two or three, or even four, such basic components, except for 

(1) tranducers and (2) cables. However, even these avanced systems 

still involve the basic components, some of which will be described 
below. 

The transducers are generally the weakest link in the measurement 

system because they must translate mechanical motions to electrical 

signals. Not considering sound pressure transducer, that is not inclu

ded in this survey study, there are four types of tranducers: displa

cement tranducer, velocity transducer, accelerometer and strain gauge. 

5. 1. 1 Displacement Transducers 

There are three main types of displacement transducers: the single
degree-of-freedom (SDF) types, the relative-displacement type and the 

optical type. The most common one is the SDF type, as shown in Fig 

5.3. If the base of the transducer is subject to a vibration us= 

u sin wt' the differential displacement between the base and the
0 

mass can bewritten as: 

8 (w/wn) 2 

- - -;:::====================2
LI J[1-(w/wn) 2 

] + [2B(w/wn) ]2 ( 5. 3)
0 

and 
= 2 B (w/wn)tan e (5.4)

1-(w/wn) 2 

where u = maximum displacement amplitude of base (ground)
0 

o = relative displacement amplitude 

w = frequency of the excitation 

wn = natural frequency of the system 
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Fig. 5. 3. Displacement SDF system in an instrument configuration 
(from Dowding, 1985). 
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Fig. 5.4. Influence of the damping ratio on the response of a dis
placement SDF system (from Harris and Crede, 1976}. 
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uations (5.3) and (5.4) are plotted in Fig 5.4 and 5.5. Fig 5.4 

ows that a linear response to the excitation (i.e., o/u =1) is best 
0 

hieved with a damping ratio between 0.6 and 0.7 and a ratio w/wn as 
rge as possible. Therefore, the natural frequency of the transducer 

st be smaller than the smallest frequency recorded. Fig (5.5) indi

tes that for a damping ratio of 0.7, the change in the phase angel 

least when w/wn > 3. 

f 

ce 
n

ansducers of this type weigh a great deal and as a result they are 

rely used. Normally, displacements are calculated by integrating ve

city time hisories, Hudson (1979). Displacement transducers can be 
ployed to measure floor or ground displacement, but will be too 

ssive to be mounted on walls or light structures. 

s 

1.2 Strain Gauges 

er 

y 

the most likely location for cracking can be determined before 

asting, strain gauges can be placed on the structure to measure 

rains directly at the location. Strain gauges measure differential 

splacement between two points on or within a structure, structural 

mber, or an earth mass. The two principal types of strain gauges, 
e foil strain gauge and the semiconductor gauge, are shown in Fig 

6. The foil strain gauge is the most widely used because of its low 

stand constant-amplification factor. Fig 5.7 is a schematic diagram 

an instrument system for measuring strains with strain gauges. 

1.3 Velocity Transducers 

ere are relatively few velocity transducers on the market compared 

th accelerometers and strain gauges. In many cases, velocity is nor

lly found through integration of acceleration time histories. Even 
ough the velocity transducers are a minority, they are the principal 

pe of transducer employed for monitoring in blasting, pile driving, 
namic compation, etc. 

e most common velocity transducer, the geophone, is similar to the 
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Fig. 5.6. Foil and semiconductor gauges: (a) typical foil strain 
gauge; (b) typical semiconductor gauge (from Bruel and 
Kjaer Instruments, 1976). 
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Fig. 5.7. Components of a strain measurement system (from Dowding, 
1985). 
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singe-degree-of-freedom (SDF) system used to measure displacement. 

Therefore, the natural, wn and excitation, w, frequencies are related 

in the same manner as in displacement transducers. The output from a 

velocity transducer is generated by a coil moving through a magnetic 

field. The voltage induced in the coil is directly proportional to the 

relative velocity between the coil and the magnetic filed. Fig 5.8 is 

and example of a velocity transducer in which the permanent magnet is 

made as a part of the casing that is attached to the structure. 

The velocity transducer is convenient for field use because its 

output is usually high enough (in the range 4 to 8 mV/mm/s) so that 

amplification is not required. Fig 5.9 gives example configuration of 

a velocity measurement system. 

Velocity transducer response become nonlinear at low frequencies since 

it is an SDF system. The equation governing velocity response is iden
tical to Equation (5.3). Typically, the transducer frequency range is 

broadened by many manufacturers with a low-frequency amplifier as 
shown in Fig 5.10, Stagg and Engler (1980). In this case the amplifier 

and the velocity transducer must be matched closely to provide the 

correct compensation in the desired frequency range. As can be seen 

from Fig 5.11 the phase angle for a velocity transducer is relatively 

constant for a large ratio of w/wn. 

Table 5.1 compares the characteristics of some of the more common 
velocity transducers. 

5.1.4 Acceleration Transducers 

Acceleration transducers can be divided into passive and energy 

conversion type as follows: 

Passive (requiring energy) 

Servo accelerometers 
Piezoresistive accelerometers 

Inductive type (eddy current, differential) 
Energy conversion 

Seismic accelerometers 

Piezoelectric accelerometers. 
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Fig. 5.9. Typical velocity measurement system (from Dowding, 1985). 
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Table 5.1. Common velocity transducers (from Dowding, 1985). 

Geospace Geospace Mark Products Mark Products Kinemetrics 
VLF300-3D GS 110 L4A L!B Ranger 

Natural frequency (Hz) 4.5 2 8 

Frequency range (Hz) 0.8-400 al 3 dB 5-100 al 3 dB 1.5-20 10-200 l-100 at 3 dB 

Power supply (V de) ±6 

Weight (g) 2700 l ll 1700 2150 4500 

Output noise (rms) <1µ,V 

Temperature range (°F) -22 + 158 -22 + 158 -20 + 140 -22 + 130 

Type of damping Electrical Electrical 

Damping coefficient 0. 7 (critical) 0.7 (critical) 0. 7 (critical) 

Output impedance (.fl) 51 1600 8905 880 

Output sensitivity (mY/(in./s)] 4800 810 7020 1980 400 

Number of axes 3 

Table 5.2. Acceleration transducers (from Dowding, 1985). 

Donner Systron Endevco Endevco 

Model 4310 Setra Model 141 Model 2262-25 Model 7705-1000 

BBM Type 505 BBM Type 505B (Servo) (Capacitance) Piezoresistive Piezoelectric 

Acceleration range (g) 0-212 0-212 ±0.5 to ±35 ±15 ±25 l-100 

Natural frequency (Hz) 38,000 45,000 250 800 2500 7300 

Frequency range (Hz) 4-19,000 ± 5% 3-15,000 ± 5% 50-2000 0-500 flat 0-750 1-1000 ± 5% 

Linearity ±1% ±!% <0.05% - - -

Transverse sensitivity 5% max. 5% max. 0.2% 0.5% - 3% max. 

Power Supply (V de) 3.5 3.5 28 28 10 None 

Weight (g) II 12 135 30 28 107 

Output noise (rms) 20 µ,V 20 µ, V 0.05% FR ±0.01 - -

Temperature range -65 to + 250°F -65 to + 250°F -40 to +200°F - 10 to + !50°F -18 to +97°C - 54 to + 260°C 

Damping (% of critical) - - 40-70 70 70 -

Output (fl) 1500 1500 5000 9000 1400 -

Sensitivity (output) 10 mY/g 10 mV/g ±7.55 V/g - 20 mV/g 1000 pC/g 

Number of directions 3 l l I l l 
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The seismic, piezoelectric and piezoresistive types are the most 

widely used. 

The seismic accelerometer is a single-degree-of-freedom system similar 

to the one shown in Fig 5.3, but in this case if the base of apparatus 

is subjected to an acceleration U = U sin wt, the displacement re-
o 

sponse of the mass, 8 = 8 sin (wt+e) is given by
0 

8 -1 1 
( 5. 5) 

The phase angle e between the acceleration of the base and the 

displacement of the mass is given by 

2B(w/wn)e = tan- 1 ( 5.6) 
1-(w/wn) 2 

Equations 5.5 and 5.6 are plotted in Figs. 5.12 and 5. 13. If 

the damping coefficient is between 0.6 and 0.7, the response of the 

system is constant and equal to 1 in the frequency range Oto 80 % of 

the natural frequency of the system. Under this conditions the phase 

angle is linear and proportional to the frequency ratio. 

Figs 5. 14 and 5.15 show the piezoresistive and piezoelectric 

types, Endevco (1975). Table 5.2 compares the characteristics of the 

commonly used accelerometers. 

5.1.5. Preamplifiers and Amplifiers 

The above described transducers all transform motion (displacement, 

velocity, acceleration) into electric signal that often has a very low 

voltage or power level. Thus it must be amplified to increase the sig

nal-to-noise ratio before being transformed or stored. The amplifier 

must have an input resistance significantly greater than the output 

resistance of the transducer, and also a frequency range larger than 

the transducer. 

A preamplifier is introduced in a circuit for two principal reasons: 

(1) to amplify a weak output signal, and (2) to transform the high 

output impedance of the transducer into a lower value. Preamplifiers 

are used before transmission of the signal to the amplifier to overco

me line losses or to increase the signal-to-noise ratio at the recor-
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Fig. 5.14. Piezoresistive accelerometer with four gauges for maximum 
sensitivity (froffi Dowding, 1985). 
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Fig. 5.15. (a) Compression and (b} shear piezoelectric accelerometers 
(from Dowding, 1985). 
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der. 

5.1.6 Recorders 

There are three principal recording systems: amplitude modulation, 

frequency modulation and digital recording that uses two main sizes of 

tape: the large reel-ro-reel and the compact cassette/cartridge. 

Amplitude modulation (AM), or direct recording is used in all consumer 

tape recorders. It is the least expensive method but has several 

severe limitations. The frequency bandwidth is relatively narrow, 50 

Hz to 10 kHz; thus they cannot faithfully record typical 5 to 50 Hz 

vibration signals. They are very sensitive to any fluctuation of the 

magnetic coating of the tape. Besides any variation of the speed will 

affect the record. 

The frequency modulation (FM) system is the most widely used for teck

nical recording. The recorded information is contained in the change 

and rate of change of the carrier frequency. The frequency range is 

wider than for direct recording, and may go down to 0 HZ (or de). The 

signal-to-noise ratio is also better (40 to 50 dB or a ratio of 100:1 

to 330:1 compared with 25 dB or 18:1 for direct recording). However, 

FM recorder have a disavantage that they are sensitive to any speed 

variation between the recording and the replay. 

Digital recording systems will dominate technical recording in the 

near future because of the ease of computer linkage. The signal is 

sampled at a certain rate, say, 900 times per second, and each sample 

is converted to a single magnitude. This magnitude is then stored on 

magnetic tape. Such a system has several advantages: it is very accu

rate, as variation in the tape speed has no effect; it can be directly 

accessed by a computer. It main disadvantage is that the density of 

information stored on a certain length of tape, usually, is 10 times 

less than for a FM recorder. In addition, the number of samples per 

second might not be enough, e.g., for blasting vibrations. For examp

le, since 7 to 10 samples per cycle are necessary to sample a random 

peak, a sample rate of 500 times per second is likely only to be able 

to distinguish frequencies below (500/10 to 500/7) 50 to 70 Hz. 
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Fig. 5.16. {a) FRED and velocity transducer, (b) system for vibration 
measurement using FRED (from Long et al., 1988). 



Table 5.3 Field Analysers 

No Specifications SINCO S-5 SINCO S-6 VT1510-VTM36 AVA 

1. Number of 
channels 7 7 any 

(dependent on 
recorder) 

4(unextendable) 

2. Number of triaxial 
detector stations 

2 
(undetachable) 

2 
(undetachable) 

any 
(detachable) 

1 
(detachable) 

3. Frequency Response 
Hz 

6 - 150 5 - 200 2 - 250 

4. Recording func-
tiO'ns 

displacement 
velocity 
acceleration 

velocity 
noise 

velocity displacement 
velocity 
acceleration 

5. Transducers geophone 
(=velocity 
transducer) 

geophone 
microphone 

geophone geophone (V) 
accelerometer (A) 
strain gauge (S) 

6. Measuring Range V:velo.0.3-500 mm/s 
di sp .0. 3-5000 m 

A:velo.0.6-1000 mm/s 
acc.0.006-100 g 

7. Scale 7.5, 75.0 and 
750.0 mm/s 

free scale for 
each channel 

8. Recording length, 
second 

2. 5 s, 
10 s 

5 s or 0.6 s, including 
0.2 s before and 
0.4 s after peak 

2.2 s to 3.4 s 
(at 64 KB) 

9. Memory capacity 32 K x 8 CMOS RAM 64 KB storage (ex-
pandable to 1 MB) 

10 Weight, kg 12 13 

FRED 
Version 1.11 

4(extendable 
to 8) 

2 
(detachable) 

1 - 1600 

displacement 
velocity 
acceleration 
noise 

geophone (V) 
accelerometer (A) 
strain gauge (S) 
microphone (M) 

velo.0.3-125 mm/s 
acc.0.01-20 g 

free scale for 
each channel 

1.0 s 

64 to 512 KB 

4 I I.D 
w 
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to the method of data collection and the type of information desired 

from these data. Vibration data can be collected by recording peak 

readings or by capturing the entire waveform. Shots can be monitored 

manually by a user, or automatically triggered. 

Peak reading or recording instruments provide only a peak amplitude or 

peak vector-sum value and contain no information about duration or 

frequency. When only peak amplitude readings are often of interest, 

peak-reading instruments provide a quick, easy check of vibration 

levels with a minimum amount of man-power, because no time is needed 

to analyze waveforms. 

Recording the entire waveform is the more versatile method because in

formation relating to frequency, duration and amplitude can be obtai
ned. The waveform-recorded equipment, however, is more expensive than 

the peak-recording equipment; and the waveforms must be analyzed 

either by the operator or by professional servicemen later. 

Nowaday advanced instruments have often both modes, the peak mode and 

the all mode. The equipment called FRED, e.g., in addition to the two 

above-mentioned modes, also has a compressed mode that calculates the 

mean value of a number of measurements, and stores the maximum value, 
Long et al (1988). Advanced instruments are often both manually moni

tored or automatically triggered. 

5.2.2 Measurement Range 

In practice, selection of a measurement system is decided first by the 

observed frequency range, and then by the motion (displacement, velo

city, acceleration) amplitude range. 

The observed frequency range of transient vibrations occuring in cons
truction are typically between 5 and 200 Hz. It is possibly related to 

the choise of velocity transducers. For comparison, seismic vibrations 

have frequencies of about 1 to 2 Hz or less, and accelerometers are 

often used. Also, mechanical engineers often use spectrum analyser to 
measure dynamic displacement level of machines with a frequency of 

more than 100 Hz. The observed frequencies of vibrations from dynamic 
compaction are in the low range of 2 to 20 Hz, Mayne (1985). For blas-
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ting, the frequency ranges of vibrations were found to extend from 

below 2 Hz to 150 Hz for coal mine and quarry blasting, and from below 

5 Hz to above 200 Hz for construction blasting. Amount and significan

ce of blast vibration energy below 2 Hz are indeterminate because of 

limitations in measurement and analysis systems, Stagg and Engler 

(1980). 

From the existing literature it is agreed that the typical range of 

ground vibrations induced by impact hammers is between approximately 

10 to 30 Hz, Schwab (1985), while for vibratory hammers, the frequency 

of the ground vibration at the base of structures is about the frequ

ency of the hammers that typically range between 15 to 30 Hz, Clough 

and Chamean (1980), Lacy (1985). 

Vibrations of structures due to pile driving have a larger frequency 
range than ground vibrations, e.g., 10 - 60 Hz, Brenner (1975). 

The required amplitude range is mainly dependent on the source energy 

and the distance from the source. This can be estimated from different 

theoretical or empirical formulas, e.g., Eg. (2.12). From literature, 

the maximum ground peak particle velocity ever measured is about 200 

mm/s, Attewell and Farmer (1973), while the maximum measured accelera

tion is about 0.5 g, Clough and Chamean (1980). The amplitude range is 

smaller for structures, up to 10 - 15 mm/s. 

5.2.3 Measurement positions 

Measurement points are often chosen depending on the purpose of the 

measurements, and also on the source energy. To study the attenuation 

of ground vibration, three points on one line at different distances 

from the source will be chosen. In Soviet Union, the distances are 

often 2, 5, and 8 m away from the piling point. Brenner et al (1975) 

made measurements at 3 to 4 points at different distances: 1.0, 1.8, 

2.5 and 3.0 m for a 4.7 ton hammer; and 1.0, 1.2, 2.0 m and 6.0, 10.0, 

17.0 and 20.0 m for a 7 ton hammer. Clough and Chamean (1980) made 
measurements in larger numbers of points, up to 6 points on one line, 

and a total of 13 points on three lines from the source, see Fig 5.17. 

To study the response of structures, more measurement points must be 
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arranged in the structures. The locations for the measurement should 

be chosen so that it will record the maximum motions of the building, 

Naik (1979). However, the cases should be avoided where some elements 

of the structures, especially non-bearing elements, may experience a 

local resonance. 

5.2.4 Triaxial measurements 

For research purposes, triaxial measurements are often made, in which 

three perpendicular motion components, vertical, radial and tangent, 

are monitored. Such measurements are much more expensive than one

dimensional monitoring. Therefore, for practical purposes, one dimen

sional measurements can be used. So far, from the existing literatu

res, almost all research works on the vibrations due to the pile 

driving have used triaxial measurements. 

5.2.5 Transducer Attachment 

One of the most critical aspects of vibration monitoring is mounting 

of the gauges in the field. The importance of mounting is a function 

of the particle acceleration of the wave train being monitored. The 

type of mounting is the least critical when the maximum particle acce

lerations are less than 0.3 g. In this range, the possibilities of 

rocking the transducers or the transducer package are small, and the 

transducer may be placed upon a horizontal measurement surface without 
a device to supply a holding force, Dowing (1985). When the maximum 

particle accelerations fall between 0.3 g and 1.0 g, the transducer or 

transducer package should be completely buried or at least partially 

buried and sandbagged when the measurement surface consists of soil, 

Johnson (1962). When the measurements surface consists of rock, asp

halt, or concrete, the transducers should be fastened to the measure

ment surface with either double sided tape, epoxy or quick setting 

cement, e.g., Hydrocal. If the above methods are unsatisfactory, the 

transducer should be bolted to the measurement surface, or held on the 

surface with a spring-mounted mass system, Langefors and Kihlstrom 

(1978). Unfortunately this spring-mass system may itself respond to 

the excitation and affect the measurement. If the maximum partical ac
celeration are greater than 1.0 g, only cement or bolts are sufficient 

to hold the transducer to a hard surface. In soil, complete burial 
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will provide a sufficient restraining force. 

A simple tool, that is often used to attach transducers on the soil 

surface, is shown in Fig 5. 18a. It consists of a 100 mm square plate 

with four 200 mm long spikes in corners. The spikes will be driven 

into the ground and the transducers are fixed to the plates using 

mounting screws. If a triaxial measurement is made, i.e. three trans

ducers are used for each measurement point, a metal cube will be addi

tionaly used, see Fig 5. 18b. The cube is first fixed to the plate and 

the transducer are then fixed to the cube. Inside buildings, trans

ducers are often attached to floor surfaces by means of double-sided 

adhesive discs. 

5.2.6 Calibration 

It is obvious that the entire vibration measurement system should be 

calibrated. It is useless to record data if they can not be exploited 

because of a lack of reference. Manufacturers supply calibration 

curves with their instruments that are simular to the response spectra 

from transducers shown in Fig 5. 19. Re-calibration or checking requi

res special vibrating platforms where frequency and displacement 

are controlled. 

In the field, the main calibration problem arises with voltage ampli

fiers. Before being shipped, they are calibrated with a fixed-length 

conducor. If this conductor is modified (especially its length), the 

characteristics of the output signal will also be changed. Very often 

the signal conditioner has a calibration button. By pressing this 

button, a signal of known voltage is sent to the recording instrument. 

This calibrates the whole system except the transducer, Dowding 

(1985). For a quich check in the field to see if the instrument is 

operating properly, internal calibration is useful, Stagg and Engler 

(1980). 

Another problem encountered often in the field is the sign of the 

signal. For example, to vectorally add displacement components to 

define particle paths, the directions that correspond to positive or 

negative signals must be known. This problem can be solved easily by 

applying a force of known direction to the studied structure and re-
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cording the resulting signal. For example, transducers can be tapped 

parallel to their sensitive axis and the direction correlated with 

either the positive or the negative sign. 
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6 THEORETICAL MODELLING 

6.1 Introduction 

The relationship between vibrations due to pile driving and the re

sponse/damage of an adjacent structure can be formed in either of two 

ways: (1) by performing a dynamic analysis and calculating the displa

cements/stresses induced in the structure, or (2) by comparing with 

actual recorded case histories. In the first method the displace

ments/stresses are theoretically calculated, basing on the dynamic 

characteristics of the structure (stiffness, weigh distribution, size, 

configuration etc.) and the type and duration of the ground motions/ 

vibrations acting at the base of the structure. A dynamic analysis 

often provides only the horizontal displacements within the structure 

and the engineer must access the possible damage that might occur. In 

the second method the response of the structure is predicted by compa

rison with the recorded response experienced by similar structures 

under a similar type of vibrations produced by pile driving. At this 

time, comparison with case histories is the usual means of evaluating 

the likely negative effects of pile driving on a structure. The reason 

is that it provides a direct link between damage to the structure and 

the ground vibrations at the base of the structure, and it eliminates 

any subjective evaluations on the part of the engineer. However, in 

foundation engineering, it is unlikely to have two identical cases. 

Besides, to compare with case histories, some kind of values, such as 

peak particle velocity, acceleration, etc, are often used as single 

indexes of damage. It cannot take into account some other important 

factors, such as the frequency and duration of the ground vibration, 

as well as the dynamic characteristics of the structure. A theoretical 

analysis basing on the theoretical model that is corrected to actual 

recorded case histories and using measurement data as an input may be 

the best method to evaluate the potential of damage of the structure. 

This Chapter reviews the currently available techniques for the 

dynamic analyses of the total structure-soil system. Some analyses 

related to the static problems can be used in the dynamic analysis. 

Also, althought most analytical techniques have been developed for 

earthquake engineering, they are suitable for general application. 
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A wide range of physical conditions exists in which dynamic soil
structure interaction could be considered, as there are many possible 

combinations of the various types of excitations, structures and soils 

which are of engineering interest. Because of this diversity and the 

recency of widespread work in the subject, no general rewiew of 

dynamic soil-structure interaction is yet available. 

Many analytical tools are available, and these tools can be combined 

in a number of ways to treat various problems in different degrees of 

detail of sophistication. No universal method exists, and for some 
problems no satisfactory analytical tool may be available and empiri

cal methods have to be relied on, such as for settlement due to ex
plosions and pile driving, Thorburn (1977). 

The basic equation of motion in any dynamic response analysis problem 

is: 

mu+ CU+ ku = F(t) (6. 1) 

There are four main elements to consider, i.e., mass (m), damping (c), 

stiffness (k) and excitation F(t). The way in which each of these ele

ments is handled varies from problem to problem, but various type of 

damping and non-linearity and any type of excitation can be treated at 

least in principle. The details of the analytical techniques vary ac

cording to the nature of excitation. These can be divided into two 

main categories: 

(a) those cases where the excitation is applied directly to the 

structure, e.g. wind, water waves, machinery ... 
(b) situation where the excitation is applied to the structure through 

the soil, e.g. earthquakes, explosions and vibrations due to pile 

driving, traffic and various other machines. 

Early works on dynamic soil-structure interaction related largely to 

machine foundations and notable works to be referred to are those of 

Barkan (1962), Whitman and Richart (1967), Richart et al (1970). More 

recent work has been inspired by the earthquake hazard, especially to 
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nuclear reactors. Although the analytical techniques for earthquakes 

might be more immediately applicable to other dynamic excitations in 

category (b) above, they can be used even for category (a). For examp

le, computer programs exist that are capable of dealing with both wave 

and earthquake loadings, and techniques inspired by the earthquake 

frequency-dependent approach have been applied at manual calculation 

level to machine foundation problems. 

6.2 Structural modelling 

6.2.1 General concepts 

The theoretical models used depend a lot on the type of structures, 

foundations and their combinations. It is possible to identify and 

classify structures and foundation structures in a number of ways, but 

the following scheme, classification by structural system, Thorburn 

(1977), has advantages for the present reports: 

• Structures 

(i) load-bearing wall (masonry and in-situ concrete); 

(ii) precast (large-panel) concrete walls and floors; 

(iii) rigid frames-column and beam/slab; 

(iv) frames stiffened by infill panels; 

(v) external frames stiffened by stiff cores (core-column 

structures); 

(vi) articulated frames 

• Foundation structures: 

(i) pad and strip footings; 

(ii) raft foundations; 

(iii) piled foundations. 

In contrast to the procedure often used in determining the static re

sponse, it is in general not permissible to perform the dynamic analy

sis in steps, calculating one part of the structure after the other 

(e.g., proceeding floorwise, starting at the top). The total dynamic 

system with a correct representation of the stiffness and the mass has 

to be modeled. This, however, does not mean that a very complicated 
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detailed model is always necessary. It is well known that many dynamic 

loads excite only certain modes, mostly of low frequency. In many 

cases an approximate model, capturing these essential dynamic proper

ties, is sufficient. Selecting a crude model does not mean that the 

structural engineer is not familiar with sophisticated methods. Econo
mical considerations in general also demand the use of a simple model 

for a dynamic analysis. Discretized models in a direct way , e.g. the 

finite-element model, have been widely used. Alternatively, a large 

finite-element model can be first astabliched and then reduced syste

matically by diminishing the number of dynamic degree of freedom. The 

types of structures and applied loads vary widely, which makes mode

ling a difficult task. Fewer pitfalls are encountered in modeling the 

structure than the soil, as the dynamic properties of the structure 
are better known and the problem of representing the radiation of 

energy in the unbounded domain does not exist. Lack of knowledge of 
the dynamic charcteristics of the structure can in many cases be com

pensated by the choise of a more detailed model. 

(a) Frequency Content and Sptatial Variation of Applied Load 

The applied loading influences the modeling of a structure signifi

cantly. The same structure excited by loads differing in frequency 

content and spatial variation has to be discretized differently. All 

modes with non-negligable generalized modal loads in the range of fre
quency of the applied loading have to be represented. This means that 

impact loads with a high-frequency content demand a much finer model 

than the seismic excitation, for which only all modes with frequencies 

smaller than 30 Hz have to be included, Wolf (1985). An approximately 

axisymmetric surface, even with a flexible base, can be modeled very 

simply if excited by an earthquake arising from vertically incident 

waves. The complexity of the model of the same structure increases by 

at least one order of magnitude if the structure is excited by a hori
zontally propagation wave for which the motions at the base of the 

structure differ from node to node. In both cases the frequency 
content of the earthquake is the same, but not the spatial variation. 

(b) Global and Local Response 
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In addition to the frequency content and spatial variation of the 

applied loading, the type of results required plays an important role. 

If only global results are to be determined, the dynamic model will 

tend, in general, to be restricted to present ever fewer of the modes 

of low frequency. As the global values correspond to integrals of the 

mode shapes, the contribution of the higher modes will be small and 

can thus be neglected. In contrast, a mode of high frequency can sig
nificantly influence the local response, such as the displacement or 

the acceleration at a specific location if the mode shape exhibits a 

large value at this point. Besides distirguishing between global and 
local results, it is essential to realize that modes of high frequency 

contribute significantly to the maximum total accelerations than to 
the maximum relative displacements, Wolf (1985). 

(c) Plane and Three-Dimensional Analysis 

If the motion is expected to occur essentially in a plane, a two

dimensional model of the structure can be appropriate. This is con

trast to the modeling of the soil. Of course, results associated with 
the three-dimensionality of the structure, e.g., the torsion response, 

cannot be calculated in this way, Dowrick (1977). Besides, even the 

cases where the simplication to consider a structure as a series of 

independent plane frames or walls may be admissible. This must lead to 

some error because it ignores the stiffnesses in the transverse direc

tion contributed by the floor systems. In general, both the structure 

and the foundation should be considered three-dimensionally, Thorburn 
(1977). 

(d) Non-Linear and Inelastic Earthquake Response 

For economical resistance, e.g. against strong earthquakes, most 

structures must behave inelastically. The pattern of inelastic stress

strain behavior is not constant, varying with the member size and 

shape, the materials used, and the nature of the loading. The main 

inelastic dynamic behaviours are plasticity, strain hardening, strain 
softening, stiffness degradation, ductility, and energy abortion, 

Dowrick (1977). 
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The mode superposition techniques are necessarily limited to the study 

of linear material behaviour only. To analyse the effects of non

linear inelastic response, a step-by-step technique is necessary. 

(e) Decoupling of Subsystem 

The results of the crude dynamic model are in general not sufficient 

to design or to evaluate the potential of damage of the structure di

rectly. In most cases, it will be necessary to analyze the structural 

element separately, using certain results of the crude model of the 

total structure-soil system, e.g., applying the maximum total accele

ration as the loading. 

Similarly, a subsystem with a small mass can bedecoupled from the 

dynamic model. This could apply to a component fixed to the structure 

at one point. This procedure is illustrated in Fig 6.1. For a dynamic 

load, the response u of the component with a static stiffness matrix 
C 

[K], a mass matrix [M] and a damping ratio~ , is to be determined. 
C C C 

In this method, the two systems are assumed to behave independently of 

one another with no feedback from the subsystem to the main dynamic 

model. 

(f) Finite-Element Model 

In any discretization, the dynamic degree of freedom in a structure 

have to be able to represent all significant inertial loads. To deter

mine the dynamic stiffness matrix, the displacements throughout the 

structure have to be expressed as a function of these degrees of free

dom. The finite-element concept represent one approach to achieve 

this. Each part of the structure, with the same structure behaviour, 

e.g. plate, shell, beam, solid, is divided into elements, varying the 

shapes, the dimensions and the material properties of the elements, if 

necessary, but using as many identical elements as possible. The gene

rized displacements at the nodes located on the boundaries of the ele

ments are the degrees of freedom. Their total number can be increased 

straight forwardly by selecting more elements. Interpolation func

tions, so-called shape functions, have been developed which express 

the displacement field of an element in term of the nodal values of 
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this element. Continuity across element boundaries is satisfied. The 

dynamic stiffness matrix of an element is easily established, being 
the same for identical elements. Assembling the contributions of all 

elements results in the banded dynamic-stiffness matrix of the dynamic 

model, which allows efficient solution procedures to be applied. 

In some instances the finite-element model of the total structure used 

for the static analysis can also be applied with no or small modifica

tion (e.g. by adding mass of nonstructural parts) for the dynamic one. 

This can be the case if the structure is of simple geometry (which 

does not mean that the structural behavior is necessarily easy to de

termine), or if beam elements are used. In other instances, the static 

finite-element model of a complex structure is so detailed that it 

would be uneconomical to use in a dynamic analysis. To calculate 

results of acceptable accuracy, a coarse dynamic model is sufficient, 

which can be established either by reducing the degree of freedom, or 

by direct discretization. Finally, either no model of the total struc

ture is established for the static loading case, or it cannot capture 

the essential dynamic response. A detailed dynamic model then has to 

be created. 

6.2.2 Framed structures 

In frame-type structures with shear panels, floors can be assumed 

rigid only in their own planes. The modeling procedure is explained 

using the three-dimensional building of Fig 6.2 as illustration. The 

structure is made up of plane frames, located arbitrarily in plan. It 
is assumed that the frames, which are composed of beams and columns 

(without torsional stiffness) as well as walls and shear panels, 

resist forces only in their own plane. In each frame the elevation of 
the floors are the same. The floor diaphragms are assumed to be rigid 

in their plane. This allows the horizontal displacement of all frames 

at each floor level to be expressed in term of three dynamic degrees 

of freedom (defined conveniently at the center of mass of the floor): 

two horizontal translations and a rotation around the vertical axis. 

Obviously, the horizontal beams are inextensional. The bending stiff

ness of the floor can be approximately represented in the beams of the 
frames. In each joint of the frame, a vertical displacement and an in-
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plane rotation are introduced as additional degrees of freedom. The 

dynamic-stiffness matrix of the building can be established using 

standard plane-frame programs, Wolf (1985). The contribution of a 
frame to the static stiffness of the system can be determined by app

lying sequentially horizontal unit forces at each floor, calculating 

the horizontal displacements at all levels, which leads to the flexi
bility matrix, which is then inverted. 

Reinforced concrete frames present problems in the determination of 

section properties, that do not arise with steel frames. This depends 

on the variation in concrete behavour with age and loading history. 

Full details of reinforcement, for instance, may also be unknown at 
the time of making the analysis. The effect of creep can be allowed 

for by the use of a low effective modulus of elasticity, Comite Euro

peen du Beton (1970). Uncertainty about reinforcement in beams and 

slabs may be circumvented by calculation on the basis of the gross 

(uncracked) concrete section ignoring all reinforcement. Columns in 

multi-storey structures can be assumed to be inextensional and are un

likely to crack significantly because axial stresses tend to be large 

in comparison with bending stresses. This reasoning does not apply, 

however, to columns in single-storey buildings. They should be treated 
in the same way as beams. 

In reinforced concrete frames that are cast in situ, beams are usually 

integral with floor slabs, so that the latter act, in part, as the 

planges of wider T- or L-beams. In accordance with CP110 (1972) it is 

suggested that, in calculating beam stiffness, the following width of 

slab should be considered-to act as integral flanges: T-beam: 2 x 0.07 

x span; L-beam: 0.07 x span. The resulting stiffness should be regar

ded as lower bounds. Upper bounds may be calculated by including also 

the stiffness of the remaining widths of slab to their centre line 
when bending about their own neutral axes. 

6.2.3 Infill Panels in Framed Stuctures 

Walls are often created in building by infilling parts of the frame 

with stiff construction such as bricks, or concrete blocks. Unless 

adequate seperated from the frame, the structural interaction of the 
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greater provision of walls of a given strength than in an infilled 

frame. There are two main types if structures; the crosswall structu

res and the two-direction-spanning walls, see Fig 6.4. 

For static analyses, the finite element method is not recommended to 

be used because a very large number of elements is required. Different 

methods have been suggested, including the equivalent-beam method, 

Saghin (1961), the frame-idealized method, Macleod (1973) or the so

called continnous-connection methods, Rosman (1970) and Petersson 

(1974) etc. A summary of such methods was shown by Thorburn (1977). 

For dynamic problems, various mathematical models have been used in 

the dynamic resistance analyses. They are all based on assumptions of 

greater or lesser accurancy with respect to the overall behaviour of 

buildings subjected to dynamic excitation and to the distribution of 

the lateral load onto the load-bearing walls of the building. Masonry 

shear walls are usually considered to act as vertical cantilever

elements fixed at their base and connected together by the floors, 

which are considered as rigid diaphragms and to distribute the lateral 

load onto the individual walls proportionally to their stiffness. A 

simple cantilever-beam model with uniformly distributed mass was used 

by Sheppard (1986), where both the shear and the flexural stiffness 

properties of the complete horizontal cross sections of buildings were 

taken into account. The cantilever shear wall model and the coupled 

shear wall model were introduced in detail by Dowrick (1977). 

On the basis of an analysis of the damage patterns occuring in masonry 

buildings in recent earthquakes in Yugoslavia, Toma2evit et al (1987) 

concluded that the behaviour of such buildings can be best described 

by the storey mechanism model (shear walls with pier action). The main 

assumptions of this model are as follows: the walls are connected to

gether stiffly at all floor levels by means of tie-beams and rigid ho

rizontal floor diaphragms; the walls are fixed at both ends; walls 

with composite cross sections, i.e. L-, T- or H-shaped walls, are 

assumed to be separated along the vertical joints; the masses are con

centrated at floor level; the stiffness characteristics of the buil

dings are defined by storey hysteresis envelopes. A good correclation 

was obtained between the measured and calculated response in both the 
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elastic and non-linear ranges, see Fig 6.5. 

6.2.5 Large-panel structures 

A large-panel structure behaves as a loadbearing-wall structure (see 

section 6.2.4) with the added difficulty of assessing the effect of 

the connections. No clear guidance as to when the effect of the con

nections should be included in an analytical model is available. For 

lateral load analysis of tall large-panel walls, the flexibility of 

the vertical connections does not have a significant effect, Bhatt 

(1973), Macleod et al (1975). It is relatively easy to include the 

effect of the connections, Pollner et al (1975), but the relevant 

shear-slip relationships cannot yet be confidently predicted. 

6.3 Soil models 

A realistic dynamic model of the soil requires the representation of 

soil stiffness, material damping and radiation damping, allowing for 

strain-dependence (non-linearity) and variation of soil properties in 

three dimensions. The methods of modelling the soil may be divided 

into four categories of varying complexity: 

(a) equivalent static spring and viscous damping at base level only; 

(b) shear beam analogy using continous or lumped masses and springs 

distributed verically through the soil profile; 

(c) elastic or viscoelastic half-space; 

(d) finite elements. 

A brief discussion of each method will be presented below. 

6.3.1 Spring at Base Level 

The simplest method of modelling the soil is to use springs at base 

level to represent the horizontal, rocking, vertical and torsional 

stiffness of the soil, see Fig 6.6. In the system shown in Fig 6.6b, 

the stiffness of the individual vertical springs must be chosen to sum 

to either the required rocking stiffness or the required total verti

cal stiffness, as it is unusual to achieve both conditions simultane

ously. This generally does not matter in analyses in which vertical 
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Fig. 6.5. Typical calculated displacement response of the four-storey 
masonry building model during shaking tests (---, measured; 

calculated) (from Tomazevit, 1987). 

Structure 

(a) 

Fig. 6.6. Soil-structure analytical models representing the soil 
flexibility simply by springs at the base of the structure 
(from Dowrick, 1977). 



116 

and horizontal excitation are not applied simultaneously. 

A convenient method for determining the overall foundation spring 

stiffness is to use the zero-frequency (static) stiffness derived from 

elastic half-space theory as given in Table 6.1, Whitman and Richart 

(1967). It should be noted that the values in table 6. 1 are for a ho

mogeneous elastic half-space, but may be factored to give some equiva

lence to layered soils or to allow for a given degree of non-linearity 

in the soil behaviour. 

The spring stiffnesses are dependent on the shear modulus which in 

turn varies with the level of shear strain. Hence for linear elastic 

calculations, spring stiffnesses should be calculated corresponding to 

a value of shear strain which is less than the maximum expected shear 

strain. For instance, if the spring stiffness at low strain is k , 
0 

then a value of k equal to 0.6 > k may be used in the analysis. Al-
o 

ternatively a series of comperative analyses may be done using a range 

of value of k, particularly if field tests have not been made. In this 

case it may be appropriate to select values of k from the following 

ranges: 

for translation 

0.5 k < k < k 
0 0 

for rocking 

0.33 k < k < k 
0 0 

The damping in the soil in different modes of vibration varies consi

derably. Static spring stiffness for different modes, that are also 

obtained from the elastic half-space theory, are shown in Table 6.2, 

Whitman (1976). Their accuracy depends on selecting a suitable equiva

lent value of shear modulus G to represent the actual subsoil as dis

tinct from the idealized half-space. This equivalent value must allow 

for the change in stiffness with depth and with strain level, see Fig 

6.8, Seed and Idriss (1970). Where the pure half-space values are not 

considered adequate the static spring stiffness may be determined 

either from a layered half-space approach, Luco (1976), or from static 

finite element analysis, Kausel and Roesset (1975). An indication of 

the difference in stiffness and radiation damping between the half 

space and various layered conditions is given by Hadjian and Luco 

1977). 



117 Table 6.1. Spring stiffness k for rigid base resting on elastic half
space (from Whitman and Richart, 1967). 

Motion Circular footings Rectangular footings 

4GR
Vertical 

1-v 

32(1 - v)GR
Horizontal 

7 - 8v 

8GR 3 

Rocking 
3(1 - v) 

16GR 3 

Torsion --
3 

G is the shear modulus for the soil where G 

G 
~(J.,_.,j(BL) 

2G(I + 1·)(Jx._/(BL) 

G/J,t,BL2 

I - v 

= £/{2(1 + v)), ,, is Poisson's ratio for the soil, 
R is the radius of the footing, B, L, are the plan dimensions of rectangular pads, and 
f],, f],, /J.; are coefficients given in Figure 5.28. 
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In order to use Table 6.2 for the case of rigid rectangular 

foundations of width band length L, an equivalent circular radius can 

be calculated as follows, Richart (1977). 

for translation (vertical or sliding) 

for rocking about a horizontal axis at 
mid-length of the base, and 

ro= [ bl(b2+L2)]1j, for torsional motion about a vertical 
6 rr axis through the centroid of the base. 

Deeply embedded foundations at present give rise to a greater degree 

of uncertainty as to the validity of analytical techniques than for 

structures founded near the surface. The layered half-space contept 

permits analysis of embedded foundation situations, and various 

studies have been made, Beilak (1975), Luco et al (1975), and Novak 

and Beredugo (1972). A survey on the theoretical solutions for em

bedded foundations supported by an elastic half-space and an elastic 

layer, as well as the effect of foundation flexibility on response of 

structures, was made by Richart (1977). 

6.3.2 Lumped masses and springs 

The shear beam approach with lumped masses and springs may be used to 

model the soil layers overlying bedrock, see Fig 6.9, althougt diffi

culties arise in choosing appropriate stiffness and damping value for 

the soil. Non-linearity may be allowed for using itarative linear ana

lyses or by non-linear foundation springs as in the research on piled 

bridge foundation reported by Penzien (1970). 

6.3.3 Elastic or viscoelastic half-space 

Modelling the soil as a homogeneous linear elastic or viscoelastic 

half-space in which the stiffness and damping are treated as 

frequency-dependent provides a very useful means of allowing for the 

radiation damping effect. The frequency-dependent expression for the 

dynamic stiffness (impedance) k* of a rigid circular footing is of 
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Table 6.2. Spring and damping coefficients for rigid circular founda
tion resting on elastic half-space (from Whitman, 1976). 

Mode of Spring 
Vibration Coeff. 

k 

Vertical 4Gr 
0 

(z) 1-V 

Sliding 8--Gr
2-v o

(x) 

Rocking 8Gr 3 

0 

(tjJ) 3(1-V) 

Torsional 16Gr 3 

0 

(8) 3 

Damping 
Coeff. 

C 

3. 4r 2 
O 

1-v /pc 

~ r2/oc
2-v o P 

0.8r 4 /pc
0 

(1-V) (l+BtjJ) 

4/B pG
8

1+2B
8 

Mass 
Ratio 

B 

1-V m 

4 Pr 3 

0 

2-V m 
-8-~ 

0 

3Cl-V2~ 
8 Pr 

0 

18 
pr5

0 

Damping 
Ratio 

C 
D= 2/km 

0.425 

✓B 
z 

0.288 
✓B 

X 

0.12 
(l+BtjJ) ~ 

0.50 
1+2B

8 

Structure 

Lumped 
masses 

SOIL STRATA 

H, 

Bedrock 

Fig. 6.9. Soil-structure analytical model representing the soil ver
tical profile by lumped parameter system of springs and 
dashpots (from Dowrick, 1977). 
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the form: 

k* (w) = k (w) + i w c (w) (6. 2) 

in which, the real part of the expression can be considered as a 

stiffness and the imaginary part represents the radiation damping. The 

zero-frequency value of the stiffness k (w = 0) is given in Table 6.2. 

This type of formulation has been widely discussed in the literature, 

ranging from the original work of Bycroft (1956), to the work on 

elastic half-space by Luco and Westmann (1971) and Veletsos and Wei 

(1981), or the equivalent finite element work of Vaish and Chopra 

(1974). 

The viscoelastic formulation of foundation impendance is an improve

ment on the elastic case because material damping may be incorporated 

by including a constant term in the imaginary part of the expression, 

i.e. c (w) is replaced by c + c (w). This appoach has been widely 
1 

examined, such as by Veletsos and Nair (1975) or Kausel and Roesset 

(1975). 

As the frequency-dependent formulation is solved in the frequency 

domain, it is not appropriate either to modal analysis or to a full 

non-linear formulation which requires a time domain analysis. However, 

a reasonable approximation to the frequency-dependent springs may 

usually be achieved with equivalent frequency-dependent springs, alt

hought the approximation may not be equally good at all points in the 

system, Watt et al (1976). For horizontal and vertical translation, 

the radiation damping ratios vary little with frequency, but for rota

tional motions the ratios vary considerably, and it is necessary to 

select a value of rotational damping coefficient ce (w) correspon

ding to the most important value of w for the system response. The 

value of the circular frequency chosen may perhaps be taken as that 

corresponding to the predominant period of the structure-soil system. 

This period may or may not be the fundamental period, as indicated in 

Fig 6.10. 

6.3.4 Finite Elements 

The use of finite element for modelling the foundation of a soil-
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Fig. 6.10. Base shear contributions of the significant modes, for a 
concrete gravity oil platform with three different founda
tion stiffness (from Dowrick, 1977). 
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structure system is the most comprehensive (if most expensive) method 

available. Like the half-space model, it permits radiation damping and 

three-dimensionality, but has the major advantage of easily allowing 

changes of soil stiffness both vertically and horizontally to be ex

plicity formulated. Embedment of footings is also readily dealt with. 

Although a full three-dimensional model is generally too expensive, 

three-dimensions should be simulated. This can be achieved either by 
an equivalent two-dimensional model, or for structures with cylindri

cal symmetry an analysis in cylindrical coordinates can be used, 

Kausel (1974). 

In order to simulate radiation of energy through the boundaries of the 

element model, three main methods are available: 

(a) Elementary boundaries that do not absorb energy and rely on the 

distance to the boundary to minimize the effect of reflected 

waves 

(b) Viscous boundaries which attempt to absorb the radiating waves, 

modelling the far field by a series of dashpots and springs, as 

used by Lysmer and Kuhlemayer (1969), Lysmer (1978). The accuracy 

of this method is not very good for thin surface layers or for 

horizontal excitation, although an improved version has been 

developed by Ang and Newmark (1971). 

(c) Consistent boundaries are the best absorptive boundaries at 

present available, reproducing the far field in a way consistant 

with the finite element expansion used to model the core region. 

This methodwas developed by Lysmer ans Waas (1972) and 

generalized by Kausel (1974). The latter method among other 

things allow the lateral boundary to be placed directly at the 

side of the foundation, with a considerable reduction in the 

number of degrees of freedom. 

Non-linearity of soil behavior can be modelled with non-linear finite 
elements, but the necessary time-domain analysis, is very expensive. 

Alternatively non-linearity could theoretically be simulated in repe

titive linear model analyses with adjustment of modulus and damping in 

each cycle as a function of strain level. In frequency-domain solu-
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tions, e.g. when using consistent boundaries, non-linearity can be 

approximately simulated again using an iterative approach. 

As in the half-space solutions, material damping may be accounted for 

by using a viscoelastic finite element model, as used by Kausel 

(1974, 1975). 

It should also be mentioned that piled foundations may be modelled as 
special cases of the above methods, and guidance may be obtained from 

Penzien (1975), Novak (1977), and Margason and Holloway (1977). 

6.4 Analysis Methods in Soil Dynamics 

Soil dynamics and structural dynamics have much in commom. However, 

the latter mainly refers to finite systems and soil dynamics deals 

with the mechanics of essentially semi-infinite systems where wave 

propagation plays an important role as source of energy. Futhermore, 
soil are strongly non-linear compared to most structural materials. 

For these and other reasons many analysis methods of structural dyna

mics, such as modal analysis are not directed by applicable to soil 

dynamics analysis. However, in dynamic soil-structure interaction pro

blems, the analysis methods of both soil dynamics and structural dyna

mics are used. The methods discussed in this section will be: 

(a) Methods of computing structure responce; 

(b) Methods of computing foundation responce; 

(c) Methods of interaction analysis. 

6.4.1 Methods of Computing Structure Response 

Many methods of structural dynamics can be used to determine dynamic 

forces in a structure when knowing the ground motion at the base of 

the structure. The methods fall into two distinct groups, Dowrick 

(1977): 

(i) equivalent static force analysis; 
(ii) dynamic analyses. 

6.4.1.1 Equivalent static force analyses 

These are approximate methods which have been evolved because of the 
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Fig. 6.11. Example of frame with equivalent static forces applied at 
floor levels (from Dowrick, 1977). 
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difficulties involved in carrying out realistic dynamic analysis. 

Codes of practice on earthquake engineering inevitably rely mainly on 

the simpler static force approach, an incorporate varying degrees of 

refinement in an attempt to simulate the real behaviour of the struc

ture. Basically they give a crude means of determining the "total" ho

rizontal force (base shear) V, on a structure: 

V = ma (6. 3) 

where m is the mass of the structure, and a is the seismic horizontal 

acceleration, generally in the range 0.05 g to 0.20 g. Vis applied to 

the structure by a simple rule describing its vertical distribution. 

In a building this generally consists of horizontal point loads at 

each concentrated mass, most typically at floor levels, Fig 6. 11. The 

seismic forces and moments in the structures are then determined by 

any suitable statical analysis and the results added to those for the 

normal gravity load cases. 

In the subsequent design of structural sections, an increase in 

permissible elastic stresses of 33 - 50 percent is usually permitted, 

or a smaller load factor than normally is required for ultimate bad 

design. 

6.4.1.2 Dynamic Analysis 

For large or complex structures static methods are not accurate enough 

and many authorities demand dynamic analysis for certain types and 

size of structures. Various methods of differing complexity have been 

developed for dynamic analysis of structures. 

The three main techniques currently used for dynamic analysis are: 

(i) direct integration of the equations of motion by step-by-step 

procedures; 

(ii) normal mode analysis; 

(iii) response spectrum techniques. 

e Direct Integration provides the most powerful and informative 

analysis for any given earthquake motion. A time-dependent force 

function (earthquake accelerogram) is applied and the corresponding 
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response-history of the structure during the earthquake is computed. 

That is, the moment and force diagrams at each of a series of 
prescribed intervals throughout the applied motion can be found. 

Computer programs have been written for both linear elastic and 

non-linear inelastic material behaviour, using step-by-step 

integration procedures. Linear behaviour is seldom analysed by 

direct integration, unless mode coupling is involved, as normal mode 

techniques are easier, cheaper, and nearly as accurate. Three

dimensional non-linear analyses have been devised which can take the 

three orthogonal accelerogram components from a given earthquake, 

and apply them simultaneously to the structure, Nigam and Housner 

(1969). In principle, this is the most complete dynamic technique, 

but unfortunately expensive to carry out. 

• Normal Mode Analysis is a more limited technique than direct 

integration as it depends on artificially seperating the normal 

modes of vibration and combining the forces and displacement 

associated with a chosen number of them by superposition, see 

Appendix A. As with direct integration techniques, actual earthquake 

accelerogram can be applied to the structure and a stress-history 
determined, but because of the use of superposition the technique is 

limited to linear behaviour. Although modal analysis can provide any 

desired order of accuracy for linear behaviour by incorporating all 

the modal responses, some approximation is usually made by using 

only the first few modes, to save computation time. 

• The Response Spectrum Technique is really a simplified special case 

of modal analysis. The modes of vibration are determined in period 

and shape in the usual way and the maximum response magnitudes 
corresponding to each mode are found by reference to a response 

spectrum, see Appendix A. An arbitrary rule is then used for 

superposition of the responses in the various modes. The response 

spectrum technique has the great virtues of speed and cheapness, 
Housner (1970), Clough (1970), Dowrick (1977), Dowding (1985). 

Although this technique is strictly limited to linear analysis 

because of the use of superposition, simulations of non-linear 

behaviour have been made using pairs of response spectra, one for 
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deflections and one for accelerations, Newmark (1970, 1973). The 

expected ductility factor is chosen in advance and the appropriate 

spectra are used. This is clearly a fairly arbitrary procedure, and 

is unlikely to be more realistic than the linear response spectrum 

method. 

Another attempt to study non-linear behaviour by spectral techniques 

is described by Shepherd and Mcconnel (1970). They conclude that 

non-linear response spectrum techniques may be the best applied to 

structures behaving like a SDF system, such as bridge piers, as the 

pattern of hinge points in other systems would be too complicated 

for predictions by this approximate method. 

6.4.2 Methods of Computing Foundation Response 

A number of different methods have been developed over the years for 

computing the dynamic response of soil-fundation systems. Extensive 

reviews of these developments have been presented by, among others, 

Lysmer (1978), Roesset (1980), Luco (1982), Gazetas (1983), and Tas

soulas (1986). The key to the solution of such problems is to compute 

the matrix of dynamic impedance functions which relate steady-state 

forces (moments) and displacements (rotations) at the base of an "as

sociated" foundation-soil system. Such a system is identical with the 

actual one, except that the mass of the superstructure and the founda

tion is set equal to zero. Once the harmonic response of such a mass

less (but rigid) foundation has been determined, the response of a 

massive foundation or of any supported structure can be readily eva

luated. Morever, knowledge of the dynamic impedances is also required 

in analysing the dynamic soil-structure interaction. 

The methods that are presently available for computing dynamic 

impedance functions may be classified into six overlapping categories, 

Gazetas (1987a). 

6.4.2.1 'Analytical' Methods 

These are applicable only to surface foundations and are based on ana

lytical solutions of the wave equations for each soil layer or halfs

pace. ''Relaxed" boundary conditions are assumed for the interfaces: no 
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"parasitic" frictional shear tractions develop during vertical and 

rocking oscillation, and no normal tractions with swaying vibration. 

By recourse to integral transform techniques the relaxed boundary con

ditions yield sets of dual integral equations. Each set reduces to a 

Fredholm integral equation which is finally solved numerically. 

6.4.2.2 Semi-analytical Formulations 

These discretize the contact surface or a large area of the top ground 

surface, then determine the matrix of dynamic influence or Green's 

functions refering to a unit-amplitude normal or shear point force, 

and finally impose the rigid-body motion boundary conditions at the 

interface. Developed solution schemes make use of, among others, fast 

Fourier transform (FFT) algorithms, see Appendix B, and Cauchy-type 

integral equations. Such methods are particularly attractive for 

surface foundations of arbitrary shapes and flexural rigidity. 

6.4.2.3 Dynamic finite-element models 

These differ from their static counterparts mainly in the type of 

assumed lateral boundaries. Since the "elementary" boundaries (rollers 

and hinges) of the static models would have to be placed too far to 

avoid creating a fictitious 'box' effect due to spurious wave reflec

tions, special 'non-reflecting' (also called 'transmitting', 'absor
bing', "quiet") boundaries have been devised. The two more frequently 

used are "viscous" boundaries aimed at simulating the damping charac

teristics of the far field,and 'consistent' boundaries providing the 

matrix of dynamic stiffness relating nodal forces and displacements of 

the far field. Dynamic finite-element formulations are particularly 

suitable for axisymmetric and very long foundations embedded in multi

layered strata over bedrock, and for modelling nonhomogeneities near 

the foundation. 

6.4.2.4 Hybrid Methods 

These combine the finite element for modelling in three dimensions the 

soil around the foundation with continuous solutions to simulate the 

far field. Such methods would be indispensable for handling material/ 

geometry non linearities with foundations embedded in very deep soil 
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deposits. Obviously, hybrid models are an evolution of the 'consistent' 

-boundary finite element approach. 

6.4.2.5 Boundary-element methods 

These are of a semi-analytical nature, involving discretization of a 

small region at the surface (frequently of only the soil-foundation 
interface). They utilize 'fundamental' closed-form solutions which 

satisfy the appropriate radiation conditions, and apply the theorem of 

reciprocity between elastodynamic states to derive a system of linear 

algebraic equations involving nodal tractions and displacements. In 

essence, these methods reduce the dimensionality of the problem by 1 

and are thereby suitable for truly 3-dimensional foundation geometries 

and unbounded media. 

6.4.2.6 Simplified procedures 

These are based on physical approximations and used fundamental prin

ciples of dynamic and wave propagation. Such solutions are available 

for embedded foundations and piles; they are particularly attractive 

for use in design applications. Several researchers over the years 

have developed simplified methods, or have fitted equations and charts 

to their numerical results. In the last few years Gazetas, Dobry and 

Tassoulas have contributed to this process by systematically develo

ping a number of models to be used in practice without a computer or 
with a minimum use of it. These models have been calibrated with the 

results of rigorous state-of-the-art formulations, as well as with a 

limited number of experimental data, Gazetas (1987b). 

6.4.3 Method of Interaction Analysis 

The topic of soil-structure interaction analysis is extremely broad 

and it is impossible herein to report on all the types of soil

structurs problems which may occur in practice and all of the sophis

ticated method of analysis available. Because of this diversity and 
the recency of widespread work in this subject, no general review of 

dynamic soil-constructure interaction is yet availabel. Some review 
articles have been devoted by Roesset and Kausel (1976), Lysmer 

(1978), Luco (1982) and Gazetas (1978a). A number of alternative app-
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roaches have been proposed for analysing the effects of soil-founda

tion-structure interaction. They fall into two broad categories, 

Lysmer (1978), Gazetas (1987a). 

(i) complete methods 

(ii) substructure methods. 

6.4.3.1 Complete methods 

Complete methods, sometimes called methods of direct analysis, are 

here defined as methods in which the response of the complete soil

foundation-structure system to a pre-specified free-field seismic/ 

dynamic environment is determined in a single step, i.e. the motions 

of the soil mass and the structure are determined simultaneously. Fi

nite-element discretization is frequently employed, at least for the 

soil region surrounding the foundation. To keep the number of degree 

of freedom as small as possible the structure is usually modeled in a 

simple approximate way. Still, the cost of such analyses and the 

number of variables involved may be prohibitively large for a meaning

ful paramatric study and for preliminary design calculations. Direct 

analyses of the complete system are thus reserved only for important 

structures such as nuclear power plants, and for underground faciliti

es. 

The major advantage of complete methods over the substructure methods 

is that the analysis is performed at the actual stress for all soil 

elements and that it is therefore possible with these methods to con

sider the spatial effects of non-linearity, say by the equivalent 

linear method. 

A disadvantage of the complete methods is that morecomputer time and 

storage are required to perform the analysis of the larger models in

volved. However, as pointed out by Wight (1977), experience has shown 

that while the complete methods are computer-intensive, the substruc

ture methods, even the approximate rigid base methods, are manpower

intensive and the total cost of analysis will be about the same for 

the two methods. 

6.4.3.2 Substructure methods 
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These are methods analyzing in separate but interrelated steps the ki

nematic and initial interaction effects. The superposition of the ef

fects, schematically illustrated in Fig 6.12, is strictly valid only 

for linear structure and soil. Nevertheless it offers a conceptually 

and computationally attractive alternative which has enjoyed signifi

cant popularity in both research-oriented work and practical applica

tions. For surface foundation, the analysis of kinematic interaction 

would be avoided (resulting insubstantial overall economy) if the sei

smic/dynamic excitation were assumed to consist of vertically propaga

ting S-waves and the design ground motion specified at the free ground 

surface, a very frequent situation in everyday practice. 

Inertial interaction analyses, usually in the frequency domain are 

also conveniently performed in two steps, as illustrated in Fig 6.12c, 

Kausel and Roesset (1974). The key step is to determine the dynamic 

impedance matrix, which was introduced earlier, in Section 6.4.2, as 

well as the scattering properties at the soil-structure interface. 

Often in practical applications this step of the analysis is greatly 

facilitated by (and may even be bypassed due to) the existance of a 

wealth of published solutions for a number of idealized soil profiles 

and foundation geometries. The second step of the inertial interaction 

analysis computes the dynamic response of the superstructure supported 

on frequency-dependent 'springs' and 'dashpots' deduced from the impe

dance matrix, and subjected to the motion computed from the kinematic 

interaction analysis by the different methods discussed in Section 

6. 4. 1. 

In recent years several substructure methods have appeared in which 

the half-space is obtained by finite element analysis with transmit

ting boundaries. For the case of structures founded at the surface, 

substructuring becomes extremely simple, see Fig 6.13. But most real 

structures are embedded into the half-space. The effects of embedment 

can be quite strong and are not easily considered by substructure met

hods. The basic difficulty in solving the embedded soil-structure in

teraction problem is that since the free-field motions vary conside

rably with depth, especially in softer materials, it is difficult to 

specify the distribution on the free-field forces on the embedded part 

of the structure. This observation has inspired Hall and Kissenp

fenning (1975) to modify the model shown in Fig 6.13c to the model 
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shown in Fig 6. 14. In this model, which assumes the control motion, y, 
at the base level of the structure and vertically propagation shear 

waves, the masses m and m represent a lumped mass model of the free 
1 2 

field. Rigorous substructures methods for embedded foundations have 

been proposed by several authors. They fall into three distinct groups 

according to the number of degree-of-freedom at which the half-space 

and the structure interacts: 

(i) Rigid Boundary Methods; 

(ii) Flexible Boundary Methods; and 

(iii) Flexible Volume Methods. 

An overview of these methods was presented by Lysmer (1978). In Fig 

6.15 a rigourous 3-step procedure for the case of rigid embedded foun

dations is presented by Kausel and Roesset (1974). Fig 6.16 presents a 

summary of substructure methods. 
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7 METHODS OF REDUCING VIBRATION EFFECTS 

The negative effects of vibrations produced by pile driving can be 

reduced by judicious selection of the method and the installation se

quence to be used in driving piles. Droper selection may permit in

stallation of piles without any damage to adjacent structures. These

lection of the method of driving piles will depend on wether shaking 

or settlement of nearby structures or lateral movement is of primary 

concern. 

Measures to reduce the undesirable consequences of excessive ground 

vibration may involve actions at its source, on its pathway, or at 

the position of the structure affected. Most of the measures concen

trate to reduce ground vibration just at its source, which include 

reducing the hammer energy; using small-diameter, low-displacement, or 

low-impedance piles and pre-boring before driving. There are also 

methods to minimize the ground vibrations on its way to the structu

re, e.g., by trenching or by controlling the sequence of driving, or 

at the position of the structure, e.g., by using the so-called spring 

elements. 

The method to be first thought about is to decrease the hammer energy. 

Equations (2.8) to (2. 15) show the relationship between the hammer 

energy and the peak particle velocity of vibration. Piling vibrations 

may be reduced by reducing the hammer energy and coupling condition by 

means of a piling helmet, for example, or incorporation of an "air 

cushion", which is an air cushion impulse chamber interposed between 

the piston and driving plate. Such an air cushion was used for the B S 

PI D 17 Impulse Pile Driver, Skipp (1984). Reducing the hammer 

energy, however, is not usually a practical method because the levels 

of vibrations vary with the square root of the hammer energy, and a 

large reduction in hammer energy would by necessary to decrease the 

generated vibrations to a required level. Such a large decrease in 

hammer energy would prolong the time required for pile driving and may 

result in lower pile capacities. 

A more realistic means is to choose a pile with a higher degree of im

pedance, that is defined as the product of the pile area times the 

pile material density, times the sonic velocity of the pile material. 
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The pile impedance determines the maximum force that can be transmit

ted by the pile as long as it remains undamaged. Fig 7.1 shows the re

lationship between Kand the pile impedance, which indicates that the 

greater the impedance of pile, the lower the value of Kand consequent 

levels of vibrations. Heckman and Hagerty (1978) evaluated the impe

dance for several types of piles and Fig 7.1 shows the range of 

values. 

The types of piles used is a important means to reduce vibration. 

Piles with smaller cross-sectional areas would penetrate soil strata 

with less resistance. Therefore, less ground vibration would be anti

cipated from driving smaller piles. Based on the data obtained from 

different sites, Lo (1977) suggested the following relationship used 

for correction: 

(A ) a (Cross-sectional Area)a 
= (7. 1)

(A ) b (Cross-sectional Area)b
1 

where, A - reference velocity generated at r = 1 ft from the pile
1 

tip during driving; 

a, b - indexes indicateds cases of different pile diameters, 

Fig 7.2. 

Besides, to reduce the detrimental effects of pile driving in clay, 

the volume of soil displaced by the piles should by kept to a minimum. 

Pile having a smaller cross-sectional area will displace a smaller 

volume of soil, and consequently produce a tower pore pressure, than 

piles having a larger cross-sectional area. Then to reduce the negati

ve effects small-diameter piles have been sometimes used, Tien et al 

(1988), as well as other low-displacement piles, such as H-piles, 

D'Appolonia (1971). 

Another alternative is predrilling piles in clay or by jetting piles 

in sand where the ground conditions and engineering requirements 

permit. While a somewhat expensive and time consuming job, the cost 

can be kept at a minimum by predrilling or jetting the piles just at 

the near-ground-surface zone and then driving the piles beyond a spe

cified depth. This has the advantage of minimizing the vibrations near 

the ground surface where they are most harmful to nearby structures, 
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Schwab (1985). Fig 7.3 shows that disturbance is greatly reduced by 

predrilling, D'Appolonia (1971). The data were taken from three cons

truction sites at MIT, see Section 3.2. The maximum excess pore pres

sures measured at any time during pile driving divided by the vertical 

effective overburden stress are plotted as a function of elevation/ 

depth. Also shown is the theoretical maximum excess pore pressure that 

can be developed in undrained shear by increasing the lateral total 

stress. Data points represented by the solid symbols are for cases 

where the wholes were predrilled to about 25 m below the ground surfa

ce. Below the level of predrilling, the measured and theoretical 

maximum excess pore pressure are almost the same. Above this level, 

the measured values are equal to about 50 % of the theoretical ones. 

The open symbol (at 30 m below the ground surface) is for a site where 

piles were driven immediately adjacent to a tall smokestack founded on 

a shallow foundation. To reduce movements to an absolute minimum at 

this site, the holes were predrilled completely through the clay. One 

pile was driven only 1 m away from the piezometer, yet, the maximum 

excess pore pressure was very small, only about 20 % of the theoreti-

cal maximum value, D'Appolonia (1971). 

Though low-displacement piles are not effective in reducing sett

lement, they do minimize the zone of disturbance/displacement around 

the pile. Where it is not feasible to use either predrilled holes or 

low-displacement piles, propersequence of pile driving can be used ef

fectively to limit lateral displacement. 

If the piles closest to an existing structure are driven first, they 

can act as an effective shild against the lateral displacements and 

vibrations from driving the piles remaining. When lateral movements 

and vibrations within the soil are restricted in one direction, they 

will simply expand in the directions that are unconfined. An existing 

structure, then, can be blocked from lateral displacements or vibra

tions, by driving first the closest piles to the structure, and then 

proceed row by row towards the center of the pile group. For this case 

each successive row of piles will further help to block the nearby 

structure, D'Appolonia (1971) and Schwab (1985). Field measurements 

have confirmed these inferences, Hokugo (1967), Hagerty (1969), D'Ap

polonia and Lambe (1971). 
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As shown in Section 3.2, the smaller the number of piles per unit fo

undation area, the smaller the movement of the adjacent ground. The 
Boston data for low-displacement piles clearly showed that the pile 

spacing is an important factor. The pile density should be reduced as 

much as possible. 

In addition to the specific methods cited above for reducing vibration 

effects, vibration levels and settlement can also be reduced by avoi

ding hard driving and minimizing the number of piles. Hard driving may 

increase the level of vibration considerably and should be avoided 

especially near the surface. The settlement experienced by a structure 

from pile driving is the cumulative effect from each pile driven, and 
can be practically reduced e.g. in half by reducing the number of 

piles in half. 

If the level of vibrations from pile driving cannot be reduced, it may 

be possible to control/limit the shaking or settlement of nearby 

structures by adjusting the frequency of the pile driver. By adjusting 

the frequency of the driver to avoid the natural frequency of the 

structure and of the foundation soils, level of vibration can be kept 

at a minimum. In fact only a change of 5 to 10 Hz in the frequency of 
the pile driving equipment may be needed to accomplish this, Schwab 
( 1985). 

Control of frequency of vibratory hammers is very necessary. Traditio

nal cautions in operating vibratory hammers are more or less confirmed 

by case histories, Lacy (1985). Interruption in hammer operation is 

undesirable. In portentially damaging situations, it is beneficial to 

operate a vibratory hammer at a frequency removed from the resonant 

frequency of the sand. Where there may be serious consequences of 

settlements or vibrations, pre-construction testing might include mea
surement of resonant frequencies of the sand and the structure and a 

contract stipulation that these values are to be avoided by the opera

ting frequency of the vibratory hammer. 

An effective, but expensive method that can be used is trenching. A 

trench or ditch constructed between the adjecent structure and the 

area of pile driving can reduce the transmission of vibrations through 
the ground, as well as the ground movements. The lateral displacements 
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or vibrations caused by pile driving cannot bridge/cross the trench 

but instead dissipate on the far side. Barkan (1960) suggested that 

the depth of the trench should be at least one-third of the wave

length of the vibration. For a frequency of 20 Hz and a Rayleigh wave

speed of 150 m/s in clay, the wavelenght would be 7.5 m, so that the 

trench should be at least 2.5 m deep. For protection against lower 

frequencies, the trench would have to be deeper. The transversely po

larized low waves would also be reduced by a transverse trench between 

the pile driver and the building, Martin (1980). Reducing of vibra

tions by trenches or barriers has been much studied during the last 20 

years, Barkan (1960), Richart et al (1970), Bolt and May (1979), see 

Figs 7.4 and 7.5. 

Based on the idea to introduce a compliant link between the building 

proper and the ground, so that the important modes of the system are 

shifted down in frequency, well below the frequency range of the di

sturbing vibration, Northwood (1973) suggested a vibration-isoltation 

device, so called spring element. The device, however, can be used for 

new building that will suffer from e.g. wind or earthquake vibrations, 

but can not be used for existing buildings suffering from pile driving 

vibrations, se Fig 7.6. 

In the cases where different alternatives mentioned above are diffi

cult to be used, it is a practical way to choose other non- or low

vibration foundation technique instead of driven piles. 

Borred piles, especially small-diameter borred piles, so called root 

piles, are low-vibration foundation techniques that can be suitabely 

used in the vicinity of existing buildings. So far root piles have 

been widely used as underpinning techniques, Lizzi (1982). 

Jacked piles installed by hydraulic pressure have been recently sug

gested to be used as low-vibration techniques where some jacking ve

hickle systems are used, Langley (1979), Martin (1980). A Mega pile 

method has been recently developed by Long (1986). In this method, 

jacked piles are installed in the similar way to underpinning works, 

i.e. they are pushed down into soil segment by segment by hydraulic 

jacks using the weight of the structure as a counterweight. In this 

case a slab (or a beam system) with holes for jacking piles will first 



143 

-11-
{ 9 code H!LR LILR- 1.19 1.78 
</) 8 
C +---+ 1.19 2.38 
0 ~-i:::v,._ - 1.19 
() 7 0--0 1.78 3.57
E 4.76..., - 1.78 
C 
<l) 6 
E 
<l) 
() 
co 5 
0.. 
en - trench location 

-0 4 
co 
u 
t 
<l) 3 >1.25> _.,, no trench 

1.25-0.50-0 \ /\ condition 
\ I \ 

<l) 2 \ I \ 0.50-0.25 
-0 
::J 

\I . \' 0.25-0.125 
0 12.r:. H/LR L/LR' ',...., __.,,. / < . -.) o·10. 1.19 1.79E 

co 
0 LR = 1.68 ft 

0 2 4 6 8 
distance from source, ft 

(a) (b) 

Fig. 7.4. Migitation by trenches (1). Physical models: surface wave 
generation (from Richart et al., 1970). (a) Amplitude of 
vertical displacement v. distance from source for five 
tests (from Woods, 1968). (b) Amplitude-ratio contour dia
gram. 

acceleration 
Model II- Modelll----

displacement 
Model 1- Model 11--- -f-<---0 .99 ~ 1-+- 0.93 ---•·H·•-0.99---+l 

t 9 2 2 

0.061 i======i'\'6om 0,om 
150m 150m 

SH vel = 1.8 km/s 
p = 2.2 g/cm~ 

30m30mhalf space 
Model I {c)(b)(a) SH vel = 2.2 km/s 60m 

..--......I'= 2.4 g/cm' -- -,, 150m /---- ✓ ----- --- ...... '60 ,.;:;- ...... 
.... __ ... - ..... 

'--- .......... , __Model II 
SH vel = 2.7 km/s 

p = 2.4 g/cm' 
150m 

0 ---
0L----.....,....-,------------'

2.97 5.0 1.0 3.0 5.03.0 
frequency (Hz) 

Fig. 7.5. Effects of trenches. Numerical modelling for low-frequency 
shear waves. (a) Double trench model. (b), (c) Spectral 
ratios (with trench)/(no trench). Lengths are in km. 
Trenches 60 m and 150 deep (from Skipp, 1984). 

http:1-+-0.93
http:0.50-0.25
http:1.25-0.50


144 
1 6UILO!NG 

CROSS-SECTION IN ELEVATION 

Fig. 7.6. Horizontal spring for controlling horizontal movements 
(from Northwood, 1973). 

CJ� 
G 

c) 

7 
B_e:, 

1 

A A 

1-. .-1 

-�. cb .�· 6) 

C C 

Fig. 7.7. Mega piles for new buildings. (1) pile cap, (2) superstruc
ture, (3) hole, (4) tieback, (5) anchor rod, (6) hydraulic 
jack, (7) pile segment (from Long, 1987). 



145 

be constructed, as well as the lowest storeys, whose weight can be 

used as a counterweight for the jacks, see Fig 7.7. 

An idea that a building will be founded partly on settlement reducing 

piles, partly on shallow footings has recently been developed by 

Hansbo (1988). This idea allow not only to reduce the cost considerab

ly, but also to restrict the damage of structures from pile driving. 

All the above mentioned methods can be used to protect nearby structu

res from the adverse vibrations and displacements caused by pile dri

ving. The effectiveness of each method depends on the particular con

dition, and should be judiciously choosen for each situation. The cost 

of each method must be compared with the cost of repairing the struc

ture if no precautions are taken. 

Obviously, part of the whole process of controlling vibrations in

volves a certain amount of monitoring and survey work. This is a spe

cialised field and one which requires expensive equipment and skillful 

operators. It cannot be overemphasised that although pile driving does 

not often produce damaging vibrations, a careful survey should be 

carried out prior to any doubtful situation. 
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8 CONCLUSIONS AND SUGGESTIONS 

Today pile foundations have been widely applied in different fields of 

constructions. Together with the rapid urbanization, more and more 

piles are driven in populated areas that not only causing damage to 

adjacent buildings but also producing negative effects on surrounding 
human and equipment, especially electronical devices such as compu

ters, robots ... However, there have been rather few magnificant 
studies on this problem. Together with avanced research results in 

soil dynamics, especially in eartquake engineering and blasting, the 

rapid development of electronic measurement and computer technologies 

allow comprehensive studies to get a better understanding of the vi

bration wave propagation from pile driving in the soil media. It is 

urgent to agree on criteria for damage of structures due to pile 

driving specifying safe limits for either ground vibrations or ground 
movements. These criteria should allow for the different influence 
factors such as peak particle velocity, frequency content and duration 

of ground vibration, as well as types and conditions of soils and 

structures. The most important ideas and conclusions of the report are 

summarized below. 

8.1 Wave propagation from pile driving 

• It is important to understand how piling operations cause ground 
vibration. During driving a pile, ground vibrations are generated 

both along the vertical pileshaft-soil interface and at the pile 

tip. But only at the pile tip, a significant wave energy is 

transferred to the soil that leads to the generation of wavemotions 

in the soil medium. 

e Close to the pile, ground motions from the body waves are 

significant in comparison to the Rayleigh waves. However, they decay 

rapidly and at larger distances from the pile, the Rayleigh waves 

become dominant. 

• Equation (2.4) represent a general attenuation of waves, both body 

waves and surface waves: 
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( 2.4) 

where, A, A 
0 

= wave amplitude and reference wave amplitude, expressed 

as peak particle acceleration, velocity or 

displacement, at a distance of rand r 
0 

from the 
sourse, respectively; 

= coefficient of geometrical damping, depending on the 

wave type and the location of the source; 

a = coefficient of material damping depending on the soil 

type. 

The geometrical damping is of primary importance in the decay of 

both body and surface waves. For the practical purposes the material 

damping can be neglected. 

• In piling practice, peak particle velocity of ground motion, v, can 

be predicted from Equation (2.12): 

( 2. 12) 

where E - source energy, in Joules, 

k - proportional constant, depending on type of soil, and type 

of driving hammer. 

However, it is discussed which distance should be used, the distance 

from the pile tip or the plan distance. 

8.2 Effects of ground vibrations from piling 

• Effects of ground vibrations due to pile driving on surrounding 

structures depend on different factors: the amplitude, frequency and 

duration of the ground motion, and the dynamic characteristics of 

the structures, as well as the construction type and condition of 

the structure. 

• The potential for damage from vibratory hammers is much greater than 

from impact hammers. 
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e The frequency of the ground motion has an important role in the 

possible damage of structures. It is not agreed on the potential for 

resonance of the structures. Some authors thought that it is 

impossible. This opinion is reasonable because, from the existing 

literature, the ground vibration frequencies due to vibratory 

hammers range between 15 - 20 Hz, and those from impact hammers, 

between 10 - 30 Hz, while the natural frequencies of structures 

range, between 4 - 10 Hz. However, the potential for resonance of 

the structures should be considered in any investigation, especially 

concerning vibratory hammers. 

8.3 Effects of ground movements from piling 

• Pile driving near existing structures may result in unacceptable 

settlement, or localized heave that is generally nonuniform and 

occurs rapidly and then is more damaging than settlement due to the 

dead weight of structures. 

• Damage of structures due to settlements caused by pile driving may 

happen at a considerable distance from the source up to 15 ~ 25 m 

and can be more significant than damage due to the ground 

vibrations. 

• Magnitude of settlement is dependent on the following factors: type 

and characteristics of soil; total input energy and duration of 

vibrations; and some others such as number and density of piles, the 

depth of overburden etc. Among the factors, type and characteristics 

of soil are the most important. 

• Cohesionless soils have the greatest settlement potential, 
especially loose sand and silt below the ground water table that may 

experience densification and loss of strength due to the increase in 

pore pressure. For cohesionless soils, both wet and dry, the lower 

density soils experience the greater settlement. However, dry 

cohensionless soils do not experience dramatic loss of strength 

during densification. Graduation (grain size) of sands appears to be 

associated with liquifaction potential. 
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• Cohesive soils below the ground water level, especially soft to 

medium clays, also experience settlement/heave from pile driving 
vibrations. It is common that the soils initially heave due to an 

increase in pore pressure, then settle as the pore pressure 

dissipates with time. Then undrained strength of the soil decreases 

substantially as the soil is remolded and the pore pressure 

increases. However, over time a major part of the strength is 
regained as the pore pressure dissipates. 

• Increases in the total vibration energy input, or the time span over 
which it is continued, will increase settlements. They will be 

accumulated in the entire course of driving all piles. The density 
of piles (number of piles per unit area) also affects the 

settlement/heave of structures: the smaller the density of piles, 

the smaller the movement of the structures. 

• Vibratory hammers and hard driving cause more serious and greater 

settlement than impact hammers and normal driving. 

• Structures on shallow foundations are more susceptible to settlement 
due to pile driving than structures on piled foundations. However, 

structures on frictional piles can also experience settlement from 

pile driving due to a temporary loss of friction resistance or the 

build-up of large negative friction loads on the piles, created by 

the densification of the surrounding cohensionless soil. 

8.4 Vibration Damage Criteria 

• There have been a lot of criteria using peak particle velocity, 
acceleration, displacement, energy ratio or other values as a simple 

index of damage. However, the criteria based on peak particle 

velocity have been widerly used, as the value is most directly 

related to damage of structures. 

• Only single peak particle velocity limit may not be adequate. 

Different limits should be prefarablely used for different 

categories of building, as suggested in DIN 4150 (1970, 1975), 
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Australia Standard ASCA 23 (1967), and even for different 

frequencies of vibrations, as proposed in Swiss Standard (1978). 

• With classifications of buildings types and conditions, or even 
considerations of other factors such as number of ground waves, 

material type, so-called "importance factor", the criteria basing on 

peak particle velocity prove to be inadequate. The response spectrum 

technique is an analysis method, by which the amplitude of the 

vibrations induced in a structure is a function of the natural 

frequency and damping characteristics of the structure and the 

frequency composition and magnitude of the ground motion. It is no 

doubt that this method is one of the most promising to establish a 

rational criteria from damage of structures due to piling 

vibrations. 

• The response spectrum method, however, is expensive and time 

sonsuming. A simplified method, similar to the response spectrum 

technique, should be developed for the use of practicing 

professionals in order to predict a building response of a given 

input ground motion. 

e Waiting for a more effective criteria, the criteria basing on 

particle velocity with classification of building types and 
conditions, like DIN 4150 (1975), Swiss Standard (1978) can be used 

in practice. 

8.5 Movement Damage Criteria 

• There have been different criteria for damage of structures due to 

ground vibrations, yet there is no clear criteria for structural 

damage due to ground movements induced by pile driving. Such 

criteria must define the safe limits for additional movement that an 

existing building can tolerate, especially considering the high rate 
and the nonuniform distribution of the movement caused by pile 

driving, as well as reversals of movement (settlement and heave). 

• The permissive additional deformations caused by nearby foundation 

constructions, suggested by Attewell (1977) or 0'Rourke et al (1977) 
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can be used for pile driving. However, there should be measurement 

data to evaluate the values when applying for pile driving. 

• The concepts, so called critical accelerations, critical velocity, 

or safe distance, can be used in practice, but not as true-meaning 

criteria. 

8.6 Theoretical modelling 

e So far there have been very few theoretical studies on vibrations 

due to pile driving and their effects on surrounding ground and 

structures. 

• Most currently available techniques for dynamic analysis of the 

soil-structure system have been developed for earthquake 

engineering. However, the technique for the excitation applied 

through the soil, e.g. earthquake or blasting, can be used for the 

case of pile driving. 

• Finite element method and other discretized methods have been widely 

used and are the main tools in solving the dynamic soil-structure 

interaction problems. 

• Damages of structures due to pile driving are often smaller and less 

serious than those due to, e.g. earthquakes. The use of 

sophisticated and complicated methods will be costly and not very 

reasonable. Simpler methods, such as analytical, semi-analytical 

formulations and the response spectrum technique may be more 

suitable for the pile driving problem. 

• It is suggested by the author that the response spectrum technique 

and the Fourier technique should be used to analyse the pile-driving 

effects on structures. By these techniques, the damping 
characteristics of the structures and the frequency content of the 

ground motion can be considered. The response of the structures 

predicted by the response spectrum technique using the in-situ 

measured ground motion as input data should be used to evaluate the 

potential of damage of structures. The theoretical prediction should 
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be corrected with the in-situ measured response of structures at the 

measurement point chosen reasonably. 

• A simplified method, similar to the response spectrum technique, 
should be developed for professional use in order to predict a 

building response of a given input ground motion. 

8.7 Method of Reducing Vibration Effects 

• The negative effects of vibrations produced by pile driving can be 
reduced by judicious selections of the method and the installation 

sequence used in driving piles, the type of piles etc. 

• Most of the methods widely used concentrate to reduce ground 
vibrations at its source such as reducing the hammer energy, using 

small-diameter, low-displacement, or low-impedance piles; pre-boring 
before driving piles etc. 

• Some methods to minimize the ground vibrations on its way to 

structures can also be used, such as trenching or ditching and 

controlling the sequence of driving (driving first the piles closest 

to structure) etc. 

• Few or no methods to reduce the vibrations at the positions of the 

structure can be used for pile driving work. 

• In the cases where different alternatives mentioned above are 
difficult to be used, it is a practical way to choose another non

or low-vibration foundation technique, such as borred or jacked 

piles, instead of driven piles. 
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Appendix A. THEORY OF DYNAMIC RESPONSE 

As dynamic loading varies with time, the response of the structure 

also varies with time, and hence a full dynamic analysis involves de

terming the structural responses at each of series of time intervals 

throughout the motion induced by the loading. Two different assump

tions are generally used in specifying the deflected shape of the 

structure, the lumped mass approach and the generalized co-ordinate 

approach. In both cases the number of displacement components required 

to specify the position of all significant mass particles in the 

structure is called the number of degrees of freedom of the structure. 

As it assumes that the mass of the structure is concentrated into a 

number of discrete parts, it is the simpler approach, and although 

consequently less accurate than the generalized co-ordinate approach 

it is satisfactory for most structural frames. 

A.1 Single-degree-of-freedom systems 

A single-degree-of-freedom (SDF) system, with a single mass, may be 

pictured as a one-storey frame, Fig A.1a, or an academic spring-mass 

system, Fig A.1b. The simpliest characteristics of a structure that 

govern its behaviour under vibration loading are (1) the masses of 

the main components, (2) the stiffness of the main components, and (3) 

the amount of energy dissipating through differential movement in 

cracks, joint and connections. The simpliest model that accounts for 

the dynamic interaction of the three simplyfied characteristics is the 

SDF system. The single concentrated mass is analogous to the masses of 

the main components, the spring represents the stiffness of the main 

components, and the dashpot, through viscous resistance, models the 

dissipation of energy. The relative movement, u, is the difference 

between the total/absolute displacement, ut' and the absolute 

displacement of the ground, u .
9

The equation of motion for the SDF system when sudjected to ground 

excitation is: 

mut + cu + ku = o (A.1) 
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Fig. A.2. Undamped single harmonic motion of SDF system with given 
initial displacement and velocity (from Dowrick, 1977). 
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Using the relationship for the relative displacement 

(u = ut - ug)' Eg (A.1) becomes, Fig A.1c. 

mu+ c + ku = - mu (A. 2) g 

A. 1. 1 Undamped Response 

(a) Free Vibrations 

The equation of motion for an undamped system is, 

mu+ ku = o (A. 3) 

The solution of Eg. (A.3) is 

Li 
u = -lL sin wt+ u cos wt (A.4) 

w 0 

where, u and u = initial displacements and velocity respectively,
0 0 

w =J(k/m), circular frequency of the free vibration motion of 

the system. 

The resulting simple harmonic motion is shown in Fig A.2. The period 

of the above motion is, T = 2rr/w, and the amplitude is 

1 /22
R = [ ( £a )2 

Li ] 
+ 0 

(b) Response to short impulse 

If the length of impulse t << T, the period of vibration, it can be 
1 

assumed that u ~ O and from impulse-momentum
0 

m t.u = J F dt 

therefore 

u = [Fdt 
o m 
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u ~ ___[Eg_t sin wt (A. 5)~ mw0 

This loading and response system is shown in Fig A.3. 

(c) Response to arbitrary loading 

An arbitrary loading can be treated as a series of short impulse, see 

Fig A.4. And the total response to the arbitrary loading is the sum of 

all the impulses of duration dz, i.e. 

u(t) = J t = -1..li.) sin w (t-z) dz (A. 6) 
o mw 

This is an exact expression called the Duhamel integral. Because it 

depends upon the principle of superposotion, it is applicable to 

linear structures only. 

A.1.2. Damped Response 

(a) Free Vibrations 

The equation of motion for a damped system may be written 

U + 2swU + w2 U = 0 (A. 7) 

from which (for moderate damping) 

-swt U +swU 
u = e ( ~D O sin w0t + u cos w0t) (A.8)

0 

where, s = c/(2mw), is the damping ratio, and 

w = wj(1-s) 2 , is the damped circular frequency.0 
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Fig. A.4. Response of SDF system to arbitrary undamped loading (from 
Dowrick, 1977). 
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(b) Response to short impulse 

[ Fdt u = (A.9)mwD 

(c) Response to arbitrary loading 

The damped form of the Duhamel integral becomes 

.u(t) = I t 
-'->-.,;;;;.,L-

F(z) e-~~(t-t)~= sin w0(t-t)dz (A.10) 
0 mwD 

The Duhamel integral, Eqs (A.6) and (A. 10) expresses the response of a 

SDF system to any arbitrary loading. To evaluate the integral, diffe

rent numerical methods can be applied, Clough and Penzien (1975). 

A.1.3 Response to Ground Motion 

The response of damped SDF systems to ground motion may be obtained by 

using Eq. (A.10) as follows. Eq. (A.10) can be written in terms of the 

ground acceleration Ug(t) = F(t)/m, taking w~w, which is reasonable 
0 

for small damping. Thus 

u(t) =¼It U (t) e -l;w(t-t)sin w(t-t)dz (A. 11 ) 
0 g 

Denoting the integral in the above equation by the response function 

V(t) = It Ug(t) e -l;w(t-t)sin w(t-t)dz (A. 12) 
0 

The response of a SDF system becomes: 

u(t) =--¾ V(t) (A. 13) 
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The effective acceleration is defined as 

U (t) ~ w2 u(t) (A.14)
e 

The effective force on the structure follows simply as 

Q(t) = m Ue(t) = m w 2 (t) 

Therefore 

Q(t) = m w V(t) (A.15) 

Thus the effective force (or base shear) is found in terms of the mass 

of structure, its circular frequency, and the response function V(t). 

The equations (A.13) and (A.15), that are widely used in earthquake 

engineering, describe the response to ground motion at any time t for 

a SDF structure. 

A.1.4 Response Spectra 

To obtain the entire history of forces and displacements during an 

earthquake using the above equations is clearly a tedious and costly 

procedure. For many structures it will suffice to evaluate only the 

maximum responses. From Eqs (A.13) and (A.15) this means finding the 

maximum value of the response function V(t). This maximum value is 

called the spectral valocity Sv, or more accurately the spectral 

pseudo-velocity because it is not exactly the maximum velocity of a 

damped system. The spectral velocity is 

Sv =[J Ug(~)e sin w(t-~)dz ]max (A.16) 
0 

From before it follows that the spectral displacement: 

Sd = Sv/w (A.17) 

and the spectral acceleration (or spectral pseudo-acceleration) 

Sa= w Sv (A.18) 
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Also, the maximum effective earthquake force ar base shear is 

Qmax = m Sa (A.19) 

If equation (A. 16) is evaluated for SDF structures of varying natural 

peroids, a maximum velocity response curve, called a response spect

rum, will be plotted. A family of such curves is usually calculated 

for any given excitation, showing the effect of variation in the 

amount of damping, see Fig A.5. The velocity spectrum in Fig A.5 is 

for the ground motion of a specific earthquake recorded of a specific 

site, and the sharp discontinuties in the spectrum curves indicate 

local resonances only. In any case the period of vibration of a struc

ture cannot be known with enough certainty to design with either a 

peak spectral value or an adjacent trough. For general design purpose 

an averaged spectrum as shown in Fig A.6 will therefore be more appro

priate. 

To obtain a realistic result from a response spectrum analysis, it is 

necessary to use a spectrum derived from an appropriate ground motion. 

Figs. A.7 to A.9 show typical average acceleration and displacement 

response spectrum and combined response spectra. 

A.2 Multi-degree-of-freedom systems 

In the dynamic analysis of most structures it is necessary to assume 

that the masses are distributed in more than one discrete lump. For 

most buildings the masses are assumed to be concentrated at the floor 

levels, and to be subjected to lateral displacements only, see Fig 

A.10. The matrix equation for a multy-degree system is identical in 

form to the SDF system: 

MU+ Cu +Ku= F (A.20) 

where M,C,K, are the mass, damping and the stiffness 

matrixes, respectively, and 

u,F, are the displacement and force vector, respetively. 
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A.2.1. Vibration frequencies and Mode Shapes 

As the dynamic response of a structure is dependent upon the frequency 

(or period T) and the displaced shape, the first step in the analysis 

of a multi-degree system is to find its free vibration frequencies 

and mode shapes. 

The eigenvalue equation that is readily solved for w by standard 

computer programs is of the form: 

KO - w 2 MQ = O; (A. 21) 

where O represents the amplitude of vibration. 

Its solution for a system having N degrees of freedom yields a vibra

tion frequency wi and a mode shape vector 0i for each mode. 0i re

presents the relative amplitudes of motion in mode i, Fig A. 10 shows 

the shapes of the three normal modes of a typical storey building. 

Because of the fact that each mode has an independent equation of 

exactly equivalent form that for a SDF system, an important simplifi

cation can be made in the equations of motion. Because of the orthogo

nality properties of mode shapes, equation (A.20) can be written: 

_~r F(t)Y. + 2 i;_w_ Y + w y (A.22) 
1 1 1 i i T~- M ~-1 1 

where Yi is a generalized displacement in mode i, leading to the 

actual displacement. 

A.2.2. Ground Motion Response Analysis by Mode Superposition 

The dynamic analysis of a multi-degree system can therefore be simpli

fied to the solution of equation (A.21) for each mode, and the total 

response is then obtained by superposing the modal effects. 
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The response of the ith mode at any time t can be expressed by the 

Duhamel integral: 

Li y (t) = -~- (A.23)
i 

where Ug(z) - ground acceleration at the structure base 

Li = 0iMI, ground motion participation factor, 

I = unit column vector of dimention N. 

The displacement of floor (or mass) K at time t is then obtained by 

superimposing the response of all modes evaluated at this time t: 

N 

Uk= r: 0k. Y. (t) (A.24)
l l 

i =1 

~here 0ki is the relative amplitude of displacement of mass k in 
mode i. It should be noticed that in multi-degree structures, most the 

vibrational energy is absorbed in the lower modes, and it is suffi

cently accurate to super-impose the effects of only the first few 
modes. 

The forces in the total structure may be expressed in matrix form as 

(A. 25) 

where 0 is the square matrix of relative amplitude distributions 

in each mode, and w2 is the diagonal matrix of w2 for each of the 

N modes. 

A.2.3 Response Spectrum analysis for Multi-degree systems 

If the maximum value Yi max of the Dunhamel equation (A.23) is 
calculated, the distribution of maximum displacement in that mode is: 
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L·lu = ~ y = ~ (A.26)
imax i imax i T~- M~-1 l 

and the distribution of maximum forces in that mode is 

L;
q = M~ w 

2 y = M~ s (A.27) 
imax i i imax ~T

l M~; ai 

where Svi and Sai are the spectral velocity and spectral 
acceleration for mode i, as defined in Section 6.4.1.4. As the modal 

maxima do not necessarily occur at the same time, nor necessarily have 

the same sign, they cannot be combined to given the precise total 

maximum response. The best that can be done in a response spectrum 

analysis is to combine the modal responses on a probability basis. 

Various approximate formula for superposition are used, the most 

common being the root-sum-square procedure. As an example the maximum 
deflection at the top of a three-storey structure (three masses) would 

be: 

u~ max) 
3 

This approximation is usually, but not necessarily, conservative. Most 

analyses utilizing response spectra, take the spectral velocities 

S . for all modes from a SDF spectrum. This approximation is rea-v, 
sonable for uniform and regular structures. 
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Appendix B. Fourier Spectrum Technique 

In recent years with the development of digital data acquisition 

systems and the development of the Fast Fourier Transform algorithm 

(FFT), collecting and processing of data have been revolutionized. Use 

of the FFT and spectral analysis can substantially decrease testing 

times by replacing numerous steady-state experiments with a single 

transient event. 

Fourier analysis technique has been used extensively for the study of 

vibration generated by random loads. This methods is the best availab

le for frequency analysis of random signals. The technique can be used 

to transform the data from the time domain to the frequency domain. 

The Fourier transform is defined as: 
+a 

Sx(f) = I x(t) exp (-2rrift)dt (B. 1) 
a 

where, x(t) = the function in the time domain, 

Sx(t) = the frequency domain represantation of x(t), 
i = J-1, imaginary unit. 

In the function x(t) is digitized, the Fourier transform of this 

digitized function, which is called Discrete Fourier Transform (DFT), 

can be presented by: 

N-1 

Sx(m~f) = ~t [ x(n~t) exp [-2irr(m~f)(n~t)] (B. 2) 

n=O 

where Sx (m~f) = the digitized representation of the Fourier 

transform, 

N = number of digitized points, 

~t = time interval between digitized points, 

m = O, ±1, ±2 •.. 

~f = frequency interval between digitized points. 

The time and frequency intervals are related by: 

~f = 1/(N~t) (B .3) 
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The Fast Fourier Transform (FFT) is an algorithm for computing the OFT 

rapidly and efficiently which was established by Cooley and Tukey 

(1965). The number of discrete equally spaced points needed for the 

FFT analysis is equal to N = 2m. For N discrete points, the fre

quency analysis is performed for frequency value up to N/2 Hz. For ex

ample, m=g, was selected, i.e. N = 512. The equally spaced time incre

ment, therefore, is 1/512 of a second. The frequency content analysis 

is performed for frequencies up to 512/2 = 256 Hz. 

The plot of the random vibration data, converted to frequency domain, 

is called Fourier Spectrum. A typical Fourier spectrum is shown in Fig 

B. 1. 
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Fig. B.1. A typical Fourier spectrum (from Naik, 1979). 




